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ABSTRACT 
Wind turbines play a vital role in producing sustainable and clean energy to fulfill 
the growing energy needs. Energy generated from wind turbines being more sustainable 
and cost effective, many countries have taken a major step to develop wind turbines with 
large capacity. There has been a significant reduction in the levelized cost of energy 
(LCOE) since the 1980’s from the development of larger wind farms and from consistent 
performance improvements of wind turbine components. The power generation capacity 
of wind turbines has increased significantly over the years with the use of taller towers. 
When the tower height increases, the loads on the foundation increase and the foundation 
becomes significantly larger. The geotechnical design of foundations for taller wind 
turbines has also become complicated presenting unique challenges for each location.  
In this research, the economic advantages of using raft foundations, pile group 
foundations and piled-raft foundations are discussed based on the geotechnical design 
results and parametric studies using both analytical calculations and numerical simulations 
using GROUP and PLAXIS 3D software. 
 For the analytical design, the axial load, lateral load and bending moment at the 
base of the tower were computed assuming a tower height of 130 m and design wind speed 
of 160 mph. All the geotechnical parameters required for the design of the foundation were 
obtained from a geotechnical engineering report for a location in North Charleston, SC. 
The final design of the raft resulted in the circular raft with a radius of 18 m, thickness of 
1 m and depth of foundation of 1.5 m. The final design of the pile group with a pile cap 
resulted in 40 pre-stressed concrete piles (PCPs) of width 0.61 m (24 in.) and varying length 
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from 25 m to 40 m. Out of 40 PCPs, 18 were arranged in the circle of radius 5.3 m and rest 
in the radius of 6.7 m. Based the minimum requirement of the pile cap, a circular pile cap 
of radius 7.43 m and thickness 1.0 m was selected. Similarly, the final design of the piled-
raft foundation resulted in a raft of radius of 7.5 m and thickness of 1.2 m and 32 pre-
stressed concrete piles of 0.457 m (18 in.) width and 10 m length. The piles were arranged 
in two radii: 16 inner piles in the circle of radius 5.3 m radius and 16 outer piles at 6.7 m 
radius. Based on the stiffness of the raft and the pile along with pile-soil-pile interaction 
factor the load shared by the piles was calculated to be 85 % of the applied load. The 
comparison of the volume of material required for each foundation type showed that the 
piled-raft is the most economical option for the given site conditions and loading. 
The performance of the pile group foundation with a pile cap was then investigated 
numerically in a coupled manner using an industry standard finite difference software 
called GROUP and the performance of the piled-raft foundation was investigated using a 
finite element software PLAXIS 3D. 
A parametric study was performed to develop a relationship between the volume of 
material, which can be directly related to the cost of the foundation, versus input and design 
parameters such as the tower height, wind speed and pile size. For each case of parametric 
study, the minimum safety and settlement requirements were always maintained by 
adjusting the number and length of the piles. It was found that an increase in wind speed, 
tower height and pile size resulted in a nonlinear increase in volume of material required 
while an increase in the number of piles decreased the volume of material up to a certain 
number of piles and then it started to increase. Another study on the effect of the amount 
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of piles with regards to settlement revealed that the increase in number of piles while 
keeping the size and length constant, resulted in significant decrease in settlement up to 
certain number of piles. Thereafter, increasing the number of piles had negligible 
contribution in reducing the settlement. This finding is consistent with the results obtained 
from the previous analysis, where the optimum number and length of piles were 
determined.  
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INTRODUCTION 
 
1.1 World energy situation 
According to the United Nations Department of Economic and Social Affairs (UN 
DESA, 2015), the world population is growing at a rate of 1.18 % per year. With this rate 
of increase, the world population will reach 9.7 billion in 2050 from the mid 2015 
population of 7.3 billion. The global energy (total energy utilized by all human civilization 
from household energy consumption to the industrial energy consumption) demand will 
also increase significantly with the population growth. The U.S. Energy Information 
Administration (EIA) projected that the world energy consumption will grow by 56% 
between 2010 and 2040 (EIA, 2013). Auffhammer and Mansur (2014) reported in their 
study that the climate change will also affect energy consumption by changing how 
consumers respond to short run weather shocks (the intensive margin) as well as how 
people will adapt in the long run (the extensive margin). The threats of population growth 
and climate change will have a very strong impact on the global energy demand. 
According to the BP Statistical Review of World Energy Report 2015 (BP, 2015), 
the total global energy consumption in 2014 was 150,357.2 TWh, which is 0.95 % higher 
than the preceding year. This energy demand was met through various sources such as oil, 
natural gas, coal, electricity, etc. The time series of the global energy consumption by the 
source is shown graphically in Figure 1.1. The graph of “other renewables” refers to solar, 
wind, and biomass in Figure 1.1. 
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It is clear from Figure 1.1 that most of the energy demand in the past was met by 
fossil fuel (coal, oil, and natural gas) and it is expected to be the same in the future unless 
an alternative source is found. The use of hydroelectricity and other renewables also have 
increasing trends. The consumption of energy from other renewables (wind, solar, and 
biomass) has increased significantly since 2008 compared to its consumption in the past. 
The breakdown of the global primary energy consumption in 2014 is shown in Figure 1.2. 
The consumption of fossil fuel for energy was the greatest followed by renewables and 
nuclear power. The portion of renewables in the total energy consumption was 9.25 %, out 
of which 73.5 % was from hydroelectricity, 3.5 % was from solar, 13.5 % was from wind, 
and 9.6 % was from biomass. The use of other renewable energy sources has increased by 
12 % from the preceding year, in which the use of wind energy has increased by 10.2 %. 
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Figure 1.1: Time series of global energy consumption by source (Data source: BP, 2015) 
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The percentage of wind and solar power in worldwide electricity production in 
2014 is shown in Figure 1.3.  
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Figure 1.2: Global primary energy consumption in 2014 (Data source: BP, 2015) 
Figure 1.3: Share of wind and solar in production of electrical energy (Source: Enerdata, 
2015) 
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1.2 Energy situation in the United States 
The United States is the third most populated country in the world with an annual 
growth rate of 0.73 % according to the United States Census Bureau. The increasing 
population and the climate change will have direct impact on the energy requirement. 
According to BP (2015), the US consumed 26,734.6 TWh of energy in 2014, 1.24 % higher 
than the preceding year. Out of the total energy consumed, renewable energy contributed 
1,444.0 TWh in the year of 2014. The time series of the United States energy consumption 
by the source is shown in Figure 1.4. 
 
Similar to the world energy consumption, fossil fuel is the most used source of 
energy in the United States. The breakdown of the primary energy consumption in the 
United States in 2014 is shown in Figure 1.5. Fossil fuel was consumed the most in 2014 
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Figure 1.4: Time series of the energy consumption in the United States (Data source: BP, 
2015) 
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followed by nuclear power and renewable sources. The portion of the renewable sources 
in the total energy consumption was about 5.4 %, out of which the hydroelectricity, solar 
power, wind power, and biomass contributed 47.6 5, 3.4 %, 33.5 %, and 15.5 %, 
respectively. The use of other renewable energy (solar, wind, and biomass) has increased 
by 10.8 % from the preceding year, in which the use of wind energy has increased by 8.3 
%. 
 
1.3 Need of renewable energy 
From the above discussions, presently the primary sources of energy are fossil fuels 
(oil, coal, and natural gas), nuclear energy, and renewable energy (wind, solar, hydropower, 
geothermal, and biomass). The use of fossil fuel contributes not only to the emission of 
greenhouse gases and carbon dioxide but also to addition of large amount of pollutants 
such as sulphrous oxides, nitrous oxides and particulate matter. In 2014, there were 
35,498.7 million tons of CO2 emission in the world and 5,994.6 million tons in the United 
States through the use of fossil fuels (BP, 2015). These gases can lead to the catastrophic 
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Figure 1.5: Primary energy consumption in 2014 by the United States (Data source: BP, 
2015) 
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changes in the earth’s climate such as global warming, air quality deterioration, acid rain, 
premature deaths, etc. Also, there is not an unlimited source of fossil fuel and it is expected 
to deplete in the near future. It should also be noted that the hydraulic fracture method of 
extracting oil can cause man made earthquakes. On the other hand, the renewable energy 
sources (wind, hydro, solar, geothermal power, etc.) have negligible impacts on the 
environment and at the same time they don’t deplete with time. 
Renewable energy being the world’s fastest growing energy sources, major steps 
should be taken to increase its production in an efficient way. The time series of cumulative 
renewable energy capacities in the world and in the United States are shown in Figure 1.6. 
 
It can be seen from Figure 1.6 that the generation of electricity from wind is higher 
than the solar and geothermal sources. The cumulative wind, solar, and geothermal energy 
production have increased by 7.9 %, 51.3 %, and 0.05 %, respectively, from the preceding 
year.  
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Figure 1.6: Time series of cumulative installed renewable energy (a) World, and (b) The 
United States. (Data source: BP, 2015) 
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1.4 Scope of wind energy 
Various government and non-government agencies, industries, and researchers 
around the globe have been working persistently to increase the wind energy production 
without negatively affecting the environment. It can also be a cost effective and reliable 
source of energy if wind farms are designed and constructed at suitable sites. The 
worldwide installed wind power capacity by the end of the year 2014 was 372,961 MW 
and the percentage growth from the preceding year was 16.2 % according to BP (2015). 
The installed wind capacity in the United States by the end of 2014 was 66,146 MW and 
the percentage growth from the preceding year was 7.9 %. In July 2008, the U.S. 
Department of Energy (DOE) released a report stating that 20% of all energy in the U.S. 
would be produced by wind energy.  
Based on the previous research and observation, it is found that the amount of wind 
energy available for extraction increases with the third power (cube) of wind speed. Khatri 
(2010) stated in his study that over the past 20 years, the height of the wind turbine towers 
have increased from 40 meters to 90 meters with turbine sizes reaching 2.5 MW. As we 
progress through the 21st century, the 4.0-MW and 8.0-MW turbine are on the horizon, 
along with towers exceeding 100 meters in height. Lewin (2010) stated in his study that an 
increase of turbine elevation from 80 m to 100 m would result in 4.6% higher wind speed 
and 14% increase in power output, and an increase from 80 m to 120 m would result in 
8.5% greater wind speed and 28% increase in power production. Hence, a logical cost-
effective solution to increase wind energy production is to build taller wind turbine towers 
to access higher wind velocities. However, the foundation to support tall wind turbines 
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becomes large and their designs becomes complex. Since a significant portion of the total 
cost of the wind turbine goes into the design and construction of foundations, a cost effect 
foundation design and construction methodology must be developed considering the 
geotechnical, structural and environmental conditions. 
1.5 Purpose of this study 
Wind turbines are typically constructed by assembling a premade base, tower and 
other components at the project site. The foundation however, is designed considering the 
local site condition. During the lifetime of the wind turbine tower, the foundation is 
continuously subjected to dead load of the tower and the dynamic wind load, which is 
eccentric in nature at the base. Since the failure of the foundation will result in complete 
collapse of wind turbine system or will create safety concerns if tilting takes place due to 
differential settlement, proper selection and design of a site specific foundation is essential 
for the safe operation of the wind turbine system during its service life. The purpose of this 
study is to compare the cost effectiveness of various types of foundations based on the 
results of analytical designs and computer simulations and make recommendations on a 
suitable foundation type and design procedure. The selection of the foundation for a 
particular site primarily depends on the soil investigation results and the competency of the 
subsurface soil. In this manuscript, three foundation types (raft, pile group with pile cap, 
and piled-raft foundation) were investigated to support a sample 130 m tall wind turbine at 
a potential wind farm site in Charleston, SC. It should be noted that, although Charleston 
lies in seismically active zone, the seismic load has not been presented in this study. The 
numerical analysis of the pile group and piled-raft foundation were also conducted using 
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GROUP and PLAXIS 3D, respectively and presented in the relevant chapters. A parametric 
study was also performed on a piled-raft foundation to evaluate the effect of various design 
parameters such as wind speed, tower height, size of pile, and the number of piles on the 
foundation design and its response.  
1.6 Thesis organization 
This thesis is divided into eight chapters, the first chapter being the introduction 
discussing the global and the United States energy situation. Chapter 2 contains a literature 
survey on the wind turbine in the United States along with discussion of available 
foundation options for both onshore and offshore wind turbines. Chapter 3 contains the 
assessment of the parameters required for the design. The detailed geotechnical design of 
a raft foundation, pile group, and piled-raft are presented in Chapter 4, 5 and 6, respectively. 
The results of the numerical analyses of a pile group foundation performed using finite 
difference software GROUP and the comparison with the analytical calculation is 
presented in Chapter 5. The results of numerical analyses of piled-raft were performed 
using finite element software PLAXIS 3D and the comparison with analytical design is 
presented in Chapter 6. The Chapter 6 also includes the parametric study performed to 
determine the effect of design parameters on the design outcomes. The comparison of the 
selection of the most suitable foundation for the tall wind turbine tower is presented in 
Chapter 7. Finally, the conclusions and recommendations are presented in Chapter 8.  
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LITERATURE REVIEW 
 
2.1 Wind power background 
For centuries wind power has been used for various purposes. Until the 18th century 
wind energy was mostly used to pump water, grind grains, drain lakes, etc. The first wind 
mill for electricity production was built in Scotland in 1887 by Prof. James Blyth in the 
garden of his holiday cottage house 
(https://en.wikipedia.org/wiki/History_of_wind_power#18th_century). He built a 10 m tall 
wind turbine to produce electricity to charge accumulators and light his cottage. A year 
later in 1888, Charles F. Brush developed a wind mill (called wind turbine since then) in 
Cleveland, Ohio. It was an 18 m tower with a rotor diameter of 17 m which was capable 
of producing 12 kW of electricity at that time. As time passed on, people started to develop 
interest in wind energy because of the scarcity and the high price of oil, gas, fuel and coal. 
In 1900s, wind turbines started to flourish in Europe and contributed to the total energy 
supply. The United States is investing a significant amount of money to produce clean, 
renewable, and environmentally friendly wind energy to meet the growing demand. 
2.2 Principle of electricity production by wind turbine 
The wind turbine generates electricity by converting kinetic energy of the wind into 
mechanical energy. The simple principle behind the operation of a wind turbine is that 
when wind blows past the turbine, the blades rotate and capture the energy. The rotation of 
the blade prompts the internal shaft connected to the gear box to spin, which is ultimately 
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connected to a generator which produces electricity. Figure 2.1 shows the schematic of 
power generation using wind turbines.  
 
 A wind turbine generally has five components; foundation, tower, nacelle, rotor 
blade, and hub. The wind turbine can be classified into two basic groups: horizontal axis 
wind turbine (HAWT) and vertical axis wind turbine (VAWT). The HAWT has the rotor 
shaft and the generator arranged horizontally at the top of the tower. The blade rotates 
about a horizontal axis and should be facing the wind for maximum efficiency. The VAWT 
has the rotor and shaft arranged vertically and rotates along the vertical axis. The advantage 
of VAWT over HAWT is that it does not need to face the wind for maximum efficiency. 
However, it has relatively low rotational speed compared to VAWT.  
2.3       Wind farm 
A wind farm is built by installing a number of wind turbines in a grid. An ideal 
location for the wind farm would be a place where there is a constant flow of non-turbulent 
Figure 2.1: Working of wind turbine (Source: BBC News, 2007) 
1. Blades turn shaft     
inside nacelle. 
Generator inside 
nacelle uses magnetic 
fields to convert 
rotational energy into 
electric energy 
2. Transformer converts 
generated energy for 
distribution and sends it 
to substation. 
3. National grid 
distributes power 
around the country. 
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wind throughout the year. The wind farms can be installed in both onshore (away from 
water) and offshore (in the water). The onshore wind farms are generally less expensive 
than the offshore wind farm because of the construction and maintenance cost associated 
with the offshore farms (https://en.wikipedia.org/wiki/Wind_farm). 
2.3.1 Offshore wind farm 
Offshore wind farm refers to those installed in a body of water, typically along the 
shore. Because powerful and steady wind is available above water bodies, offshore wind 
farm is preferred and produce higher energy. The European countries have made 
remarkable progress in building 69 offshore wind farms as of January 2014 
(https://en.wikipedia.org/wiki/Offshore_wind_power). The first offshore wind farm was 
installed in Denmark in 1991. As of January 2014, the United Kingdom has the largest 
capacity of offshore wind farms with the total capacity of 3,681 MW. A number of offshore 
wind farms are under development in wind rich areas of the East Coast, Great Lakes and 
Pacific coast  
(https://en.wikipedia.org/wiki/List_of_offshore_wind_farms_in_the_United_States). 
Among these, the Block Island Wind Farm in Rhode Island has a capacity of 30 MW and 
Fisherman’s Energy Atlantic City Wind farm in New Jersey has a capacity of 25 MW. The 
world’s largest offshore wind farms with their capacities are listed in Table 2.1. 
Wind farm Capacity (MW) Country 
London Array 630 UK 
Greater Gabbard 504 UK 
Table 2.1: World's largest offshore wind farms (Source: 
https://en.wikipedia.org/wiki/Wind_farm, 2015) 
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Table 2.1  (Continued)   
Anholt 400 Denmark 
BARD Offshore 1 400 Germany 
Walney 367 UK 
Thorntonbank 325 Belgium 
Sheringham Shoal 317 UK 
Thanet 300 UK 
Meerwind Sud/Ost 288 Germany 
Lincs 270 UK 
Horn Rev II 209 Denmark 
 
2.3.1.1 Foundation options 
In addition to the axial load, lateral load and overturning moment, the offshore wind 
turbine foundation is subjected to up thrust, vibration and large cyclic load due to wave 
action. The selection of a foundation for offshore wind turbines depends on the depth of 
water, characteristics of ocean waves, storm surge and the loads from the operation. Some 
commonly used foundations are discussed below. 
2.3.1.1.1 Monopile 
Monopile is the most common foundation type for offshore wind farms in shallow 
water up to 30 m deep. It is generally made up of a steel pipe and has a large diameter (up 
to 6 m) with wall thickness as much as 150 mm (Malhotra, 2011). A typical structure of a 
monopile foundation is shown in Figure 2.2. The lateral deflection of a monopile due to 
moment, lateral load, vibration and cyclic load controls the design of such structure.  
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2.3.1.1.2 Gravity structure 
The gravity type support structure is normally a concrete based structure which can 
be constructed with or without steel or concrete skirts. It is used in site with water depth 
between 20-80 m. The ballast required to obtain sufficient gravity consists of sand, iron 
ore or rock filled into the base of the structure with adjustments in the designed base width 
to suit the soil conditions. The principle of the gravity base is that the weight of the structure 
and ballast holds the wind turbine tower in place preventing it from tipping over, thus no 
drilling and hammering into the soil is needed. This type of foundation is generally used 
where the installation of piles in the underlying seabed is difficult, such as on a hard rock 
ledge or on competent soil sites in relatively shallow waters (Malhotra, 2011). Before the 
Figure 2.2: Monopile foundation (Source: 4C Offshore, 2013) 
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installation of the structure, the seabed must be prepared by laying the layer of concrete 
and gravel. After installation, protection around the structure is needed in order to avoid 
soil erosion. A typical gravity base foundation is shown in Figure 2.3. 
 
2.3.1.1.3 Tripods 
A tripod is a three legged steel jacket structure with steel piles at each leg. The piles 
are driven 10-20 m into the seabed to anchor the tripod to the seabed (4C Offshore). It is 
suitable for a water depth of 20-80 m and not suitable for a depth less than 6-7 m. A typical 
tripod foundation is shown in Figure 2.4. 
Figure 2.2: Gravity base foundation (Source: 4C Offshore, 2013) 
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2.3.1.1.4 Tripile 
The tripile is similar to the tripod and is made of steel with three legged jacket 
structure at the lower portion and connected to the monopile at the upper portion. The 
difference from the tripod is that it has relatively larger piles with a diameter up to 2 m and 
the length ranging from 65-90 m depending on the site conditions. It is suitable for water 
depth of 25-40 m (4C Offshore, 2013). 
2.3.1.1.5 Jacket or lattice structure 
A jacket or lattice structure is a three or four legged structure made of steel with the 
piles at the legs projected into the seabed. The frame of the structure is interconnected with 
Figure 2.3: Tripod structure (Source: 4C Offshore, 2013) 
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many members to achieve the required stiffness. This type of structure is suitable for sites 
where water depth ranges from 20-50 m (4C Offshore, 2013). A typical jacket or lattice 
structure is shown in Figure 2.5. 
 
2.3.1.1.6 Floating foundation 
Three types of floating foundations generally adapted by gas and oil industry so far 
are: spar buoy, semi-submersible and tension leg platform (TLP) as shown in Figure 2.6. 
The spar buoy consists of a long cylindrical buoy at the center filled with ballast to provide 
the necessary stability. Most of the body of the platform is inside the water minimizing the 
interaction with surface waves. Because of the long cylinder buoy, the spar buoy cannot be 
installed in the shallow water. The TLP is semi-submerged and anchored to the seabed by 
Figure 2.4: Jacket or lattice structure (Source: 4C Offshore, 2013) 
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the vertical tension anchors. Both the installation and repair of such a system is easy 
because the structure can be floated to the site or back to the shore. The semi-submersible 
floating structure combines the concept of spar buoy and TLP. A semi submerged structure 
is added to reach the necessary stability (EWEA, 2013). 
 
The first test floating turbine was installed in 2008 by Blue H technologies off the 
Italian coast. Then in 2009, Statoil installed the world’s first large scale grid connected 
floating wind turbine at Hywind in Norway (EWEA, 2013).  
2.3.2 Onshore wind farm 
The world’s first onshore wind farm had a capacity of 0.6 MW and consisted of 20 
wind turbines. It was installed on the shoulder of Crotched Mountain in southern New 
Hampshire in December 1980 (https://en.wikipedia.org/wiki/Wind_farm). The world’s 
largest onshore wind farms with their capacities are listed in Table 2.2. 
Figure 2.5: Floating foundation (Source: EWEA, 2013) 
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Wind farm Current capacity (MW) Country 
Gansu wind farm 6000 China 
Alta (Oak Creek-Mojave) 1320 U.S. 
Jaisalmer Wind Park 1064 India 
Shepherds Flat Wind Farm 845 U.S. 
Horse Hollow Wind Energy Center 735.5 U.S. 
Roscoe Wind Farm 781.5 U.S. 
Capricorn Ridge Wind Farm 662.5 U.S. 
Fantanele-Cogealac Wind Farm 600 Romania 
Fowler Ridge Wind Farm 599.8 U.S. 
Sweetwater Wind Farm 585.3 U.S. 
Buffalo Gap Wind Farm 523.3 U.S. 
Meadow lake Wind Farm 500 U.S. 
Dabancheng Wind Farm 500 China 
Panther Creek Wind Farm 458 U.S. 
 
2.3.2.1 Foundation options 
Onshore wind turbines are generally supported by a shallow foundation, deep 
foundation or a combined foundation. Some of the shallow foundations used for the wind 
turbine tower are octagonal gravity base foundations, rock anchor foundations, anchor cage 
foundations and mat foundations. Recently, some innovative shallow foundations such as 
precast concrete foundation and iCK foundation are being developed. The deep 
foundations are typically a pile group with a pile cap. The combined or hybrid foundation 
is the piled-raft (hybrid foundation). The selection of the appropriate foundation depends 
Table 2.2: World's largest onshore wind farms (Source: 
https://en.wikipedia.org/wiki/Wind_farm) 
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on the site conditions, available design and analysis procedures and constructability at the 
site. The shallow foundation is used where the top level soil is capable of adequately 
supporting the superstructure. In cases where the upper soil layer is weak and is not capable 
to carry the load, shallow foundation is impractical and uneconomical. In such situations, 
a deep foundation is used which transfers load to a deeper stronger soil layer or bedrock. 
Deep foundations are also used to reduce the excessive differential settlement. Some of the 
foundations for onshore wind turbine are discussed below. 
2.3.2.1.1 Octagonal gravity base foundation 
The octagonal gravity base foundation is one of the most common foundations used 
for onshore wind turbine. The loads induced by the wind turbine are distributed to the 
surrounding soil through a large octagonal reinforced concrete foundation. A pedestal is 
provided at the center to support the tower. This type of foundation has a typical diameter 
of 12 to 18 m, thickness of 0.7 m at the edge and 2.5 to 3.5 m at the center, contains 120 to 
460 cubic meters of concrete and typically embedded 2.4 to 3.0 m beneath the ground 
surface (Lang, 2012). Typically overturning moment and ground water table governs the 
design of such foundation. A typical sketch of octagonal gravity base foundation is shown 
in Figure 2.7. 
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2.3.2.1.2 Anchor cage foundation 
The anchor cage foundation consists of a set of bolts held together by steel rings. 
The bolts and rings are mounted together the site. Before assembling the steel rings and 
bolts, the site is prepared by excavating a hole and laying about 20 cm of concrete. The 
anchor cage is positioned in the middle and can be assembled in the excavated area or 
nearby area. The reinforcement bars are also provided and finally the concrete is poured. 
The tower is attached to the foundation using bolts and tensioned. An anchor cage 
foundation is shown in Figure 2.8. The shape of the foundation could be either circular of 
octagonal. 
Figure 2.6: Octagonal gravity base foundation (Photo courtesy: Cathy Layman 
http://blog.mlive.com/watershedwatch/2008/07/construction_starts_on_thumbs.html) 
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2.3.2.1.3 Rock anchor foundation 
This foundation is suitable only when strong bedrock is encountered at a shallow 
depth.  The load from the wind turbine is resisted by the combination of bearing pressure 
beneath the cap at the bearing layer and tension in the steel bars grouted into boreholes that 
are post-tensioned after placement (Morgan and Ntambakwa 2008).The rock anchor helps 
to fix the foundation and prevent the uplift of the foundation. Such foundation can reduce 
the foundation area and minimize the use of concrete and reinforcement. The rock anchor 
foundation is shown in Figure 2.9.  
Figure 2.7: Anchor cage foundation (Source: Miceli, 2012) 
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The rock anchor foundation is used in various wind farms in the US. Some of them 
are Kingdom Community Wind (Lowell, VT), Bull Hill Wind Towers (Eastbrook, ME), 
Record Hill Wind Towers (Roxbury, ME), Rollins Wind Towers (Lee, ME), Brodie Mnt 
Wind (Hancock, MA), etc. 
2.3.2.1.4 Precast concrete foundation 
The precast foundation is similar to the gravity foundation. The advantage of such 
foundation is the faster construction and installation, along with the reduction in excavation 
volume. Meceli (2013) reported that it takes only two days to complete the installation. 
One day to install the pieces and another day to connect the tower tensioning the bolts. A 
company named Genera 2012 in Madrid is offering to construct precast concrete 
foundation for wind turbines. According to them, the advantages of such foundation are 
lower costs, faster execution and precast concrete quality. A precast concrete foundation is 
shown in Figure 2.10. 
Figure 2.8: Rock anchor foundation 
24 
 
 
2.3.2.1.5 Gestamp iConcrete foundation (iCK foundation) 
The Gestamp iConcrete foundation, also known as iCK foundation is developed by 
iConkrete and Gestamp. It is basically a shallow foundation made of concrete slab to 
achieve uniform pressure distribution, which has a centered reinforced ring with a pedestal 
and reinforcement beams as shown in Figure 2.11 (Meceli, 2013). 
 
2.3.2.1.6 Pile group with pile cap foundation 
A pile group foundation is used where the upper soil layers are of a softer quality 
and the loads need to be transferred to larger depths where stronger soil or bed rock is 
present. The load from the superstructure is transmitted to the foundation through the pile 
Figure 2.9: Precast concrete foundation (Meceli, 2013) 
Figure 2.10: iCK foundation (Meceli, 2013) 
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cap. In addition to transferring the load to the foundation, the pile cap also provides 
structural rigidness to the pile group and acts as the connection between the piles and wind 
turbine tower. The piles used can be either driven piles or drilled shafts. They can work 
one of two ways: 
 Piles can be driven down to a point where they bear on bedrock or other strong soil 
strata. 
 Piles can be driven into soil far enough such that the friction of the soil against the 
sides of the pile is enough to resist any downward movement. 
When the piles are arranged in the group, the stresses produced by the piles will 
overlap (Figure 2.12) and the intensity of overlapping depends on the spacing between the 
piles and the load. In such case, the efficiency of the pile group will be less than 1. In other 
words, the capacity of the pile group is not necessarily the sum of capacities of all the piles 
in the group. The overlapping zone will decrease with the increase in pile spacing and when 
the pile spacing is 2.5 to 3 times the pile diameter, the group efficiency can be 1 or the 
stress zones won’t overlap. Hence proper attention should be given during the pile 
configuration. In addition, the tension force developed in some of the piles in the group 
due to the moment acting on the wind turbine is also an important factor while designing a 
pile group foundation. If the piles are not well designed to resist the tension, then it will 
result in uplift of the pile group and will cause large differential settlement.  The pile group 
is shown in Figure 2.12. 
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The pile group is used in onshore wind farm in East Anglia, England. Pre-stressed 
concrete piles of length 18-22 m and diameters 300 mm and 350 mm were used for 22 
wind turbines. A detailed geotechnical design of the pile group foundation is presented in 
Chapter 5 of this thesis. 
2.3.2.1.7 Piled-raft foundation 
Piled-raft is a hybrid foundation which utilizes the benefits of both shallow and 
deep foundations. The piles are strategically added to the raft foundation primarily to 
reduce the differential settlement but the piles are also contributing to the ultimate bearing 
capacity. The loads induced by the wind turbine are distributed between the raft and piles 
depending on the stiffness of each component and the interaction among the soil, pile and 
raft. Due to the complex interaction among the pile, soil and the raft, the current design 
procedures available in the literature are semi empirical in nature and lack accuracy in 
Overlapped 
stress zone
Figure 2.11: Pile group foundation 
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predicting actual behavior. A typical piled-raft foundation is shown in Figure 2.13. The 
detailed discussion on the design methods of the piled-raft is presented in Chapter 6 of this 
thesis. 
 
 
 
 
 
 
 
 
 
 
 
Figure 2.12: Piled-raft foundation (Source: Hemsley, 2000) 
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ASSESSMENT OF DESIGN PARAMENTERS AND PROBLEM 
DEFINITION  
 
3.1 Problem definition 
In this study, a 130 m tall tower located in Charleston, SC was considered as a 
sample problem for the design and analysis of three types of foundations: (a) raft 
foundation, (b) pile foundation and (c) piled-raft foundation. A sketch showing the major 
components of the wind turbine-foundation-soil system is shown in Figure 3.1.  
 
Figure 3.1: Components of wind turbine system with (a) Raft foundation, (b) Pile group 
foundation and (c) Piled-raft foundation 
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3.2 Design load calculation 
3.2.1 Dead load 
The dead load consists of weight of the tower and nacelle and rotor. The wind 
turbine tower considered in this study is a hybrid hollow cylindrical tower with the lower 
93 m made of concrete with a unit weight of 23.58 kN/m3 and the upper 37 m made of steel 
with a unit weight of 78.5 kN/m3. The dead load of the tower was calculated to be 47.00 
MN. The combined weight of the nacelle and rotor was considered to be 4.71 MN (480 
tons) which was found from the literature for wind turbines taller than 100 m. The final 
dead load was calculated to be 51.71 MN acting at the base of the tower. To take into 
account for the variations in the tower height, a parametric study conducted by varying the 
height of the tower for each foundation type is also presented in later sections. The 
spreadsheet showing the calculation of dead load is shown in Appendix A. 
3.2.2 Wind load 
The wind load on the superstructure including the drag force on the tower was 
considered in the calculation of loads at the base of the tower for the foundation design. 
The wind load was calculated following the procedure described in ASCE 7-10. The wind 
speed for the location was found to be 160 mph. The wind pressures at different heights of 
the tower were calculated and the drag force acting on the tower was calculated by 
multiplying the wind pressures with the corresponding projected areas. The drag force 
acting on the nacelle was also considered for calculating the design shear force and bending 
moment. The mean value of the design shear force and the bending moment at the base of 
the tower were calculated to be 3.71 MN and 237.37 MNm, respectively. The spreadsheet 
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showing the calculation of the wind load is shown in Appendix A. To take into account the 
variation in wind speed in the foundation design, a parametric study was conducted by 
varying the wind speed for each foundation type and the results are presented in the 
corresponding Chapters.  
The design loads at the base of the tower for the design of foundations are shown 
in Figure 3.2. 
 
3.3 Soil properties 
The necessary geotechnical properties were obtained from a geotechnical report 
produced for the wind turbine testing facility located in North Charleston, SC. The 
summary of the soil profile and geotechnical parameters are tabulated in Table 3.1. The 
soil layers are also shown in Figure 3.2. The CPT results are shown in Figure 3.3. At this 
site, the ground water table was found to be 1.52 m below the ground surface. 
 
 
Figure 3.2: Foundations with loads (a) Raft foundation, (b) Pile group foundation and (c) 
Piled-raft foundation 
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Layer Depth (m) Soil 
Thickness 
(m) 
Unit weight 
(kN/m3) 
Poisson's 
ratio 
1 0 – 1.22 
Medium dense 
sand 
1.22 17.28 0.49 
2 1.22 – 9.15 Soft to firm clay 7.93 16.50 0.5 
3 9.15 – 30.50 Cooper Marl 21.34 19.64 0.5 
 
 
 
 
Table 3.1: Generalized soil properties 
Figure 3.3: CPT results used in the study (WPC, 2010) 
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GEOTECHNICAL DESIGN OF RAFT FOUNDATION FOR TALL 
WIND TUBINE 
  
4.1 Introduction 
Among the three foundation types considered in this study, the raft foundation 
design is presented in this chapter. The raft foundation is a type of shallow foundation 
which covers the entire footprint of the superstructure. Because of the characteristics of the 
loading, a circular or near circular (octagonal) section must be used to ensure the 
foundation is symmetric. The design of the raft foundation involves adjusting the width of 
the foundation, or the diameter in the case of circular foundation until both the bearing 
capacity and settlement demands are met. A schematic of the trial foundation with design 
loads calculated in the previous Chapter is shown in Figure 4.1. The details of the 
geotechnical design of raft foundation for the wind turbine are presented in this Chapter. 
 
Figure 4.1: Schematic of trial foundation with loads (a) Front view and (b) Plan view 
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4.2 Design of raft foundation for bearing capacity 
The foundation was checked for axial capacity, eccentricity due to moment and 
lateral capacity due to shear force to ensure that it has enough bearing capacity to resist the 
design loads. Because the foundation is subjected to eccentric loading, the ultimate bearing 
capacity was calculated using the ultimate bearing capacity equation proposed by Vesics 
(1973, 1975) with effective dimensions proposed by Meyerhof (1953). The Vesic’s general 
bearing capacity formula is shown in Equation 4.1  
where Nc, Nq and Nγ are the bearing capacity factors given by Equation 4.2, sc, sq 
and sγ are the shape factors given by Equation 4.3, dc, dq and dγ are the depth factors given 
by Equation 4.4, ic, iq and iγ are the load inclination factors given by Equation 4.5, bc, bq 
and bγ are the base inclination factors given by Equation 4.6, gc, gq and gγ are the ground 
inclination factors given by Equation 4.7, B is the width of foundation and q and γ are the 
effective overburden pressure and effective unit weight, respectively. 
Bearing capacity factors: 
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Shape factors:  
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Depth factors: 
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where k = D/B for D/B ≤ 1.0, k = tan-1(D/B) for D/B > 1. 
Load inclination factors: 
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where P is the applied axial load, V is the lateral load and A is the base area. 
Base inclination factors: 
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where α is the inclination of foundation base with horizontal. 
Ground inclination factors: 
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where β is the inclination of ground with horizontal. 
The above bearing capacity equation is applicable only for cases where the load 
passes through the centroid of the foundation. In our case, the foundation is subjected to 
axial load, lateral load and bending moment. Therefore, the above equation must be 
modified to account for the moment and the eccentricity. In this study, the effective area 
method proposed by Meyerhof (1953) was used to consider the eccentricity in loading. In 
this method, the effective dimensions of the foundation are calculated and used in the 
bearing capacity equation to calculate the ultimate bearing capacity. In order to determine 
the effective dimensions of a circular raft, the process described in the Guidelines for 
Design of Wind Turbines by DNV/Risø (2002) was used. According to this method, the 
effective area of the circular foundation with radius R is represented by an ellipse as shown 
in Figure 4.2. The area of the ellipse and its axes (major axis, le and minor axis, be) were 
calculated using Equation 4.8, where e is the eccentricity calculated using Equation 4.9. 
The eccentricity should be within the middle third of the foundation i.e. e ≤ B/6. 
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e
Q
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(4.9) 
where M is the moment applied and Q is the sum of axial load and self-weight of the 
foundation i.e. P + Wf. 
 
The effective dimensions of the equivalent rectangle (l and bas shown in Figure 
4.2) were calculated using Equation 4.10. 
Figure 4.2: Circular footing with effective area marked 
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The effective dimensions of the equivalent rectangle were used in Equation 4.1 to 
calculate the ultimate bearing capacity of the foundation.  
A safe design requires that the ultimate bearing capacity should be greater than the 
maximum pressure under the foundation. Due to eccentric loading, the pressure distribution 
along the base of the foundation is non uniform and varies linearly as shown in  Figure 4.3, 
among which 4.3 (a) and (b) are acceptable and 4.3 (c) is not acceptable case. 
 
The maximum and minimum pressure distributions were calculated using Equation 
4.11, where uD is the water pressure at the base of the foundation. 
 max/min
6
1
D
fP eW
q u
A B
  
    
  
 (4.11) 
Finally, the factor of safety for bearing capacity was calculated using Equation 4.12.  
Figure 4.3: Distribution of bearing pressure under foundation (a) e < B/6, (b) e = B/6 and 
(c) e > B/6 
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q
  (4.12) 
Design codes require a factor of safety in the range of 2.5 to 3.5 for the bearing 
capacity check. In this study, a factor of safety of 3.0 was considered to be adequate for the 
bearing capacity check. 
Upon completion of the bearing capacity check, the stability of the foundation was 
analyzed for lateral load capacity. The lateral load capacity of the raft foundation was 
calculated using Equation 4.13. 
  f p af P W P PV      (4.13) 
where Vf is the lateral load capacity of foundation, P is the axial load acting on the 
foundation, Wf is the weight of the foundation,  is the coefficient of friction, Pp is the 
passive force and Pa is the active force acting on the sides of foundation.  
The factor of safety against lateral load was calculated using Equation 4.14.  
 
f
lat
V
FS
V
  (4.14) 
Although, a factor of safety of 1.5 to 2.0 is considered against lateral load, a factor 
of safety of 2.0 was used in this study. 
4.3 Design of raft foundation for total and differential settlements 
Settlement analysis is critical for raft foundations because the final design is 
controlled by the settlement criteria in most practical problems. Both the average elastic 
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and differential settlements of the foundation were computed and checked against design 
requirements in this study. 
The average elastic settlement was calculated using the equation proposed by Janbu 
et al. (1956) given in Equation 4.15. 
 1 2
o
s
q B
A A
E
   (4.15) 
where A1 is the function of H/B, A2 is the function of Df/B, qo is the pressure due to 
foundation on soil, B is the width of foundation (diameter in case of circular foundation), 
Es is the modulus of elasticity of the soil below the bottom of the raft and H is the depth 
from the bottom of foundation to the bed rock. The values of A1 and A2 were obtained using 
Figure 4.4. 
 
Differential settlement analysis was performed following the method described in 
Coduto (2001).The differential settlement, δD was calculated using the δD/δ ratio that has 
been observed in similar structures and similar soil conditions. In this study, Table 4.1 was 
Figure 4.4: Values of A1 and A2 for calculation of settlement (Das, 2007) 
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used to estimate the differential settlement from the calculated total settlement. The values 
listed in Table 4.1 are based on Bjerrum’s data and the author’s professional judgement 
and are probably conservative (Coduto, 2001). 
Predominant soil type below footings 
Design value of δD/δ 
Flexible structures 
Rigid 
structures 
Sandy -  
 Natural soils 0.9 0.7 
  
Compacted fills of uniform thickness 
underlain by stiff natural soils 
0.5 0.4 
Clayey  - 
 Natural soils 0.8 0.5 
  
Compacted fills of uniform thickness 
underlain by stiff natural soils 
0.4 0.3 
 
4.4 Summary of the design outcomes 
The above discussed bearing capacity and settlement calculations were repeated with 
adjusted dimensions until both the bearing capacity and settlement checks were met. From 
a series of trials, it was found that a circular raft with a radius of 18 m and a thickness of 
1.0 m located at a depth of 1.5 m was adequate to meet both design limitations. A few trials 
are shown in Table 4.2 with the calculated factor of safeties and settlements. The 
spreadsheet developed for this design is attached in Appendix B. 
 
Table 4.1: Design values of δD/δ for shallow foundation (Coduto, 2001) 
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Trial 
B 
(m) 
Df 
(m) 
t 
(m) 
e < B/6 FSbc FSlat 
 
(mm) 
D 
(mm) 
Remarks 
1 16 1.2 0.7 NO 0.73 4.61 82.20 41.10 Not okay 
2 24 1.2 1.0 YES 2.18 5.23 62.13 31.06 Not okay 
3 36 1.5 1.0 YES 5.10 6.96 55.13 27.56 Okay 
 
4.5 Parametric study 
A parametric study was conducted by varying the maximum wind speed and the 
height of the tower to account for the possible variations. All the other parameters including 
the soil properties and the depth of the footing were kept constant in this parametric study. 
The results are shown graphically in Figure 4.5 and also summarized in Table 4.3.  
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Table 4.2: Results of different trials 
Figure 4.5:  Effect of changing design variables on the volume of foundation (a) Wind 
speed vs. volume and (b) Tower height vs. volume 
42 
 
Variables 
Results 
B 
(m) 
Df (m) t (m) Vol. (m3) FSbc FSlat  (mm) D (mm) 
Wind 
speed 
(mph) 
120 32.0 1.5 0.9 723.82 4.99 11.25 56.39 28.19 
140 34.0 1.5 1.0 907.92 5.03 8.70 55.86 27.93 
160 36.0 1.5 1.0 1017.88 5.10 6.96 55.13 27.56 
180 38.0 1.5 1.0 1134.11 5.18 5.75 54.60 27.30 
200 40.0 1.5 1.0 1256.64 5.21 4.87 54.25 27.13 
Tower 
height 
(m) 
90 22.6 1.5 0.9 361.03 3.02 5.28 50.40 25.20 
110 25.0 1.5 0.8 392.70 3.24 5.35 50.94 25.47 
130 36.0 1.5 1.0 1017.88 5.10 6.96 55.13 27.56 
150 43.0 1.5 1.0 1452.20 6.23 7.31 55.62 27.81 
170 46.0 1.5 1.0 1661.90 6.28 7.26 57.92 28.96 
 
The increase in wind speed from 120 mph to 200 mph resulted in an increase in 
diameter from 32.0 m to 40.0 m. It is worth noting that the design for the range of wind 
speed considered in this study was controlled by settlement criterion.  
On the other hand, the increase in tower height from 90 m to 110 m resulted in a 
smaller increase in the volume of foundation material but the increase from 110 m to 170 
m resulted in a significant increase in volume of foundation material. It was also noted that 
the design from a tower height of 90 to 110 m was controlled by the bearing capacity 
criterion and from 110 m to 170 m was controlled by the settlement criterion which is an 
interesting observation as far as the geotechnical design is concerned.  
 
Table 4.3: Results of parametric study 
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GEOTECHNICAL DESIGN AND ANALYSIS OF PILE GROUP FOR 
TALL WIND TURBINE 
 
5.1 Introduction 
The geotechnical design and numerical analysis of a pile group foundation to 
support the wind turbine are presented in this chapter. When pile groups are subjected to 
axial load, lateral load and bending moment, complex interaction takes place between the 
piles and the surrounding soil. The piles can also interact with the adjacent piles if installed 
too close to each other resulting in overlapping stress zones.  Such interaction can greatly 
affect the pile group capacity. The analysis of a pile group is a complex soil-structure 
interaction problem and the presence of lateral load and bending moment along with the 
axial load increase the difficulty in determining the pile group capacity. Practitioners use 
both analytical and numerical method to calculate the pile group capacity. The geotechnical 
design of a pile group foundation using a widely accepted analytical design method is 
presented in this Chapter. The design procedure involves adjusting the number, length, size 
and position of the pile until all the design requirements are met. The numerical analysis 
of the designed foundation using industry standard finite difference software GROUP 2014 
is also presented in this Chapter. The analytical and numerical results are compared and 
discussed. 
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5.2 Design of a pile group for axial, bending moment and lateral capacity 
A simplified procedure available in the literature was followed to design the pile 
group foundation for the design loads and soil conditions presented in Chapter 3. In this 
study, the design axial load on each pile was considered as a resultant of axial load due to 
dead load and axial load induced due to bending moment. It was done in order to account 
for the bending moment.   
First, the ultimate downward (Pult-dn) and upward (Pult-up) axial capacity of a single 
pile were determined as Pult-dn = Ps + Pt and Pult-up = Ps + Wf. Where Ps and Pt are the 
ultimate friction and toe resistances of the pile, respectively and Wf is the weight of the pile. 
Various methods are available to calculate the frictional and toe resistances such as, the 
method based on static load test, the method based on dynamic load test and the analytical 
method. In this study, the CPT results presented in Figure 3.3 were used to determine the 
friction and toe resistances of the pile. The total dead load acting on the foundation was 
divided by the number of piles present in the pile group to determine the axial load acting 
on each pile. It should be noted that the total dead load also includes the weight of the pile 
cap. The axial load contribution from bending moment was then added or subtracted to the 
dead load acting on each pile depending on the behavior of the pile (tension or 
compression). The resultant design axial load acting on each pile was calculated by using 
Equation 5.1 which was proposed by Roa (2011). Appropriate signs were chosen in 
Equation 5.1 while calculating the resultant axial load because the bending moment can 
induce both compressive and tensile forces depending on the position of the pile in the 
group and the direction of loading. 
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where Pzi is the axial load on the i
th pile, n is the number of piles in the group, Pz is the 
resultant of all the vertical loads, Mx is the moment about x-axis, My is the moment about 
y-axis, Ai is the area of cross-section of the i
th pile, xi and yi are the coordinates of i
th pile 
with respect to the center of gravity of the pile group, Ixx and Iyy are the moment of inertia 
of the pile group about the x- and y-axes, respectively calculated using Equation 5.2. 
 
2 2;  xx i yy i iiy xI A I A    (5.2) 
The resultant axial load acting on each pile was checked with ultimate downward 
or upward pile capacity. For each pile, the factor of safety of at least 1.0 was attained to 
ensure that the resultant axial load on each pile does not exceed the ultimate downward or 
upward pile capacity. 
The ultimate axial capacity of pile group foundation in cohesive soil was 
determined as the lesser of the following according to Das (2007) and AASHTO (2012). 
 Sum of the ultimate downward capacities of each individual pile i.e., (Pud)p = nPult-
dn, where n is the number of piles in the group. This is only valid when piles are 
positioned far enough to avoid the overlapping of stress zones of adjacent piles. In 
this study, the piles were arranged at a center to center distance of at least 2.5B, 
where B is the size of the pile. 
 The ultimate downward capacity of a block, (Pud)b containing all piles. 
Finally the factor of safety for axial load was calculated using Equation 5.3. 
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A factor of safety of 2.0 or more was considered adequate for axial capacity of the 
pile group in this study.  
After completing the axial load and bending moment analysis, the pile group was 
checked for lateral load capacity. In this study, the method developed by Broms (1964a) 
outlined by Gudmundsdottir (1981) was used to determine the lateral capacity and lateral 
deflection of the pile in cohesive soil. The procedure followed to determine the lateral load 
capacity of pile is described below: 
 The horizontal coefficient of subgrade reaction, kh was determined using Equation 
5.4. 
  1 2 40  to 160h u u
n n
q qk
B
  (5.4) 
where is qu is the unconfined compression strength, B is the pile diameter and n1 
and n2 are constants depending upon the type of soil and type of pile material. 
 The value of kh obtained from the previous step was adjusted for soil conditions 
according to Equation 5.5 and 5.6. 
 For soft and very soft normally consolidated clays, 
  ' 1 3 to 1 6h hk k  (5.5) 
 For stiff to very stiff clays, 
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  ' 1 4 to 1 2h hk k  (5.6) 
 Then the following pile parameters were determined. 
 Modulus of elasticity, E. 
 Moment of inertia, I. 
 Section modulus, S about and axis perpendicular to the load plane. 
 Yield stress of pile material, fy. 
 Pile embedment length, L. 
 Diameter or width of pile, B. 
 Dimensionless shape factor, Cs only for steel piles. 
 Resisting moment of the pile, My =CsfyS. 
 The factor β used to determine whether the pile is short or long was calculated using 
Equation 5.7.  
 '4 / 4hD EIk   (5.7) 
 The short or long pile was determined in the following way. 
 βL > 2.5 (long pile) 
 βL < 2.5 (short pile) 
 2 < βL < 2.5 (intermediate pile)         
 Then, the ultimate lateral load, (Pu)l for a single pile was calculated using the 
graphical relationship between (Pu)l/cuD
2 and My/cuD
3  which is shown in Figure 
5.1. 
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 The maximum allowable lateral load capacity of a single pile, (Pm)l was calculated 
using the ultimate load (Pu)l and factor of safety of 2.5 in Equation 5.8. 
     2.5m ul lP P  (5.8) 
 Using the value of βL, the factor ykhDL/P was determined from Figure 5.2. Then 
the value of (Pm)l obtained from the previous step was used in place of P to solve 
for ym, which is the lateral deflection of the single pile. 
 
Figure 5.1: Ultimate lateral resistance for long piles in cohesive soil (Gudmundsdottir, 
1981) 
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It should be noted that the lateral pile capacity and deflection obtained from the 
above procedure is for a single pile. Considering that all the piles in the group will behave 
in the same way, the lateral load capacity of pile group was calculated as the sum of lateral 
load capacities of all individual piles. And the lateral deflection was considered to be ym 
for the pile group foundation. Finally the factor of safety for the lateral pile capacity was 
calculated using Equation 5.9. 
 
 m l
lat
n P
FS
V
  (5.9) 
The dimension of pile cap was determined following Section 10.7.1.2 of the 
AASHTO (2012) specification.  According to the AASHTO (2012), the top of the pile 
should project at least 12 in. (30.48 cm) and the distance from the side of any pile to the 
nearest edge of the pile cap should not be less than 9.0 in. (22.86 cm). Taking under 
Figure 5.2: Lateral deflection at ground surface in cohesive soil (Gudmundsdottir, 1981) 
50 
 
consideration the minimum required dimension, center to center distance between piles and 
the arrangement of piles in the group, the final pile cap size with the radius 7.43 m and 
thickness of 1.0 m was selected. 
5.3 Design of the pile group for total and differential settlements 
The load-settlement behavior of the pile group was estimated using Poulos (2001) 
method. This method was developed for piled-raft where the settlement is estimated on the 
basis of load sharing between piles and raft calculated using stiffness of the pile, raft and 
piled-raft. However, it can also be used for pile group by considering the stiffness of the 
raft (pile cap in this case) as zero. Hence, in the case of the pile group, the entire load will 
be taken by the piles and the pile cap will not contribute to the bearing capacity. This 
procedure is briefly described here and discussed in detailed in the next chapter in which 
the piled-raft foundation design and analysis are presented.  
The initial stiffness of the pile group was calculated by dividing the design axial 
load by the assumed settlement of 40 mm. The secant stiffness of the pile group was 
calculated considering the hyperbolic factor of 0.75. The settlements at different loads were 
calculated by dividing the load by secant stiffness of the pile group. The calculated load 
vs. settlement curve for the pile group is shown in Figure 5.3.  
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The differential settlement was determined following the procedure developed by 
Randolph (1994). In this method, the ratio of differential settlement and total settlement is 
related to a factor given by Equation 5.10. 
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 (5.10) 
where f = 0.3 for center-to-midside and 0.5 for center-to-corner, n is the number of piles, s 
is the center-to-center spacing and L is the length of the pile. For the circular pile cap, the 
center-to-midside was assumed to be appropriate and used to estimate the differential 
settlement of the pile group foundation.  
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Figure 5.3: Axial load-settlement curve of pile group 
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5.4 Summary of the design outcomes 
The above discussed procedures for pile group capacity and settlement were 
repeated for various numbers of piles, lengths, sizes and position of piles until all the design 
requirements were met. The final design resulted in 40 pre-stressed concrete piles of 0.609 
m (24 in.) with the lengths of 25 m, 30 m, 35 m and 40 m, arranged in circular pattern. Out 
of 40 PCPS, 18 were arranged in radius of 5.3 m and remaining in radius of 6.7 m. The pile 
cap is located at a depth of 1.22 m below the ground surface. The design outcomes are 
summarized in Table 5.1 and the sketch of final design is shown in Figure 5.4. 
Foundation Vol. (m3) Fa Flat 
ym 
(mm) 
Savg 
(mm) 
S 
(mm) 
Rotation 
(rad.) 
Pile group 645.38 2.15 5.46 10.81 56.02 13.63 9.17 x 10-4 
 
The spreadsheet developed for this design is attached in Appendix C. 
 
Table 5.1: Summary of design 
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Figure 5.4: Pile group foundation (a) Plan, (b) Side and (c) 3-D views 
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5.5 Numerical modeling 
5.5.1 Software 
The industry standard finite difference software GROUP 2014 was used to analyze 
the designed pile group foundation. The GROUP software is capable of analyzing the pile 
group subjected to axial load, bending moment and lateral load. It also allows the user to 
analyze the behavior of both 2-dimensional and 3-dimensional layout models. The user has 
the freedom to choose from different types of pile sections (circular, square, H-section, 
pile) and installation methods (drilled shaft or driven pile) for accurate analysis. The piles 
can be arranged vertically or inclined (battered pile) with their heads fixed, pinned or 
elastically restrained. The program will internally generate the nonlinear response of the 
soil, in the form of t-z and q-w curves for axial loading, t-r curves for torsional loading and 
p-y curves for lateral loading (Reese et al., 2014) 
5.5.2 Generation of numerical model 
The general description of the problem is demonstrated in Figure 5.4. The modeling 
process was started by selecting the pile type and entering the dimension of the pile 
obtained from analytical calculations shown previously. The piles were separated into four 
groups based on their lengths as follows: 
 Pile group 1 (25 m): 4, 5, 6, 7, 13, 14, 15, 16, 24, 25, 35 and 36. 
 Pile group 2 (30 m): 3, 8, 12, 17, 23, 26, 27, 28, 34 and 37. 
 Pile group 3 (35 m): 1, 2, 9, 10, 11, 18, 21, 22, 32, 33, 38 and 39. 
 Pile group 4 (40 m): 19, 20, 29, 30, 31 and 40. 
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All the piles were divided into 100 segments for the analysis. Then, the piles were 
added using the coordinates of the pile head. The pile head connection was selected to be 
fixed. The design loads were then applied at appropriate locations with appropriate signs. 
The GROUP software has a number of soil types within its database and the set closest to 
the data used in the analytical design was chosen for the analysis. The summary of the 
properties are tabulated Table 5.2. 
Layer 
Depth 
(m) 
γ' 
(kN/m3) 
k 
(kN/m3) 
fs  
(kN/m2) 
ε50 
c/cu 
(kPa) 
 
() 
Sand (Reese) 
Top -1.22 7.47 24430 24.6 - - 34 
Bottom 0.00 7.47 24430 291.9 - - 34 
Stiff clay with 
free water 
(Reese) 
Top 0.00 6.69 27150 291.9 0.007 100 - 
Bottom 7.93 6.69 27150 24.0 0.007 100 - 
Silt (Cemented 
c-phi) 
Top 7.93 9.83 27150 24.0 0.007 100 35 
Bottom 55.00 9.83 27150 24.0 0.007 100 35 
 
In Table 5.2, γ' is the effective unit weight of the soil, k is the p-y soil modulus, fs 
is the friction resistance, ε50 is the strain factor, cu is the undrained cohesion and  is the 
friction angle. The values of k and ε50, for different soil types were obtained from the User’s 
Manual of GROUP by Reese et al. (2014). The three-dimensional view of the generated 
model in GROUP is shown in Figure 5.5. The computer model was analyzed by applying 
the design axial load (Fx), moment (Mz) and lateral load (Fy). It should be noted that the 
weight of the pile cap is also added to the axial load since all the load should be carried by 
the piles. 
Table 5.2: Soil properties used in GROUP 
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5.5.3 Results and discussions 
The GROUP software can produce various useful results such as pile top reactions, 
pile cap response, deflection, bending moment, shear and soil resistance as a function of 
depth for each pile and p-y curve. Only the relevant results are discussed here.  
The 2-dimensional view of the deformed shape at the end of the simulation is shown 
in Figure 5.6. The deformation in Figure 5.6 was magnified by 200 to show the deformation 
behavior of the pile and surrounding soil. The rotation of the pile group can be observed in 
y-direction or in the direction of lateral load and bending moment. Due to the development 
of tension and compression forces, some piles appeared to be elongated and some others 
Figure 5.5: Pile group model generated in GROUP 
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compressed. While observing the behavior of each pile, it is similar to the long pile 
behavior as deformation of the pile in the third layer is neglegible. This could be because 
of comparatively higher strength of the soil in the third layer.  
 
The axial load (tension or compression) and displacement plots for the four pile 
groups are shown in Figure 5.7. 
Figure 5.6: Deformed shape at the end of simulation (scaled up by 200) 
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Furthermore, the pile cap response was also studied. The schematic sketch 
representing the vertical deflection of the pile cap is shown in Figure 5.8. The dotted line 
represents the position of pile cap at the beginning of simulation and the solid line 
represents the position of pile cap at the end of simulation.  
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Figure 5.7: Axial load vs. displacement plot 
Figure 5.8: Pile cap response (axial displacement) 
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The vertical deflections at the two edges of the pile cap are marked in Figure 5.8. 
Using the values in Figure 5.8, the differential settlement of the pile cap was calculated to 
be 0.018 m (18 mm) and the rotation was calculated to be 0.069 or 1.20 x 10-3 radians. 
Since this rotation will produce only about 0.16 m of horizontal displacement of the tower 
at the top, it is considered to be safe. Since the pile head connection was a fixed connection, 
the differential settlement of the pile group foundation was assumed to be the same as that 
of the pile cap. From the simulation, the lateral displacement of the pile cap was found to 
be 2.16 mm, which is same as the lateral deflection of each pile. It implies that the pile 
group with the pile cap is behaving like a single block.  
The variation of lateral deflection of all the piles along the length of the pile is 
shown in Figure 5.9. The overlapping of plots for all the piles denotes that all the piles in 
the group have the same response towards the lateral load. Since the lateral deflections in 
the other two directions are negligible, the resultant lateral deflection plot of all the piles 
will be approximately similar to the one shown in Figure 5.9. 
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The variation of shear force in y-direction along the depth of the pile is shown in 
Figure 5.10. It was found that all the piles have the similar variation with depth with the 
maximum value occurring at the top of the pile. The maximum values of all the piles ranges 
from 81.96 to 88.70 kN. It was found that the sum of the maximum lateral load generated 
in all the piles is smaller than the applied lateral load. Hence, it is assumed to be safe.  
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Figure 5.9: Lateral deflection in y-direction vs. depth of all piles 
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The variation of moment in z-direction along the depth of the pile is shown in 
Figure 5.11. Similar to the deflection and shear force variation, the variation of bending 
moment with depth for all the piles was also found to be of similar in nature. The maximum 
bending moment for all the piles ranges from 128.36 kNm to 129.67 kNm occurring at a 
depth of 1.4 m to 1.6 m from the top of the pile.  The resultant bending moment in the other 
two directions are negligible, so the variation of the resultant moment with the depth was 
also found to be of similar in nature. 
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Figure 5.10: Shear force y-direction vs. depth for all piles 
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5.6 Comparison and discussion of results from analytical and numerical methods 
The results from analytical design were compared with the results from numerical 
simulation and summarized in Table 5.3. 
Analysis type 
Max. vertical 
settlement 
(mm) 
Differential 
settlement 
(mm) 
Lateral 
deflection 
(mm) 
Rotation 
(rad.) 
Analytical method 59.02 13.63 10.81 9.17 x 10-4 
GROUP 13.09 18.00 2.16 1.20 x 10-3 
 
Differences are observed in the results computed using analytical and numerical 
methods.  One of the possible reasons could be the difference in analysis procedures used 
in these methods and their limitations in capturing the true behavior. Particularly, the 
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Figure 5.11: Bending moment in z-direction vs. depth of all piles 
Table 5.3: Comparison of results from analytical and numerical method  
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interaction between the pile and the surrounding soil is taken into consideration in the 
numerical model in a coupled manner while the analytical method is a simplification of the 
reality.  It should be noted that the numerical methods is widely used for the design of pile 
groups in the industry. First observing the maximum vertical displacement, the analytical 
method resulted in the higher value than that of GROUP. It could be because in analytical 
method, only vertical load was used to calculate the displacement and in GROUP the 
maximum vertical displacement obtained is the resultant of vertical load, lateral load and 
bending moment. Due to dead load, the pile group is getting pushed and due to the moment 
it is getting pulled up and hence the resulting axial displacement was found to be smaller 
than that obtained from analytical method. On the other hand, the differential settlement 
resulting from the GROUP analysis is found to be greater than that from the analytical 
method. The use of different methods in the analytical method and GROUP to calculate 
differential settlement might have resulted in such a difference. While observing the lateral 
deflection, the analytical method resulted in a higher value than that of GROUP. This could 
be because in the analytical method only one pile was analyzed with lateral load (ignoring 
axial load and bending moment) to determine the lateral deflection. However, in the 
GROUP analysis, the lateral deflection obtained was the result of the axial load, lateral 
load and bending moment. Finally, the rotation obtained from the analytical method was 
found to be smaller than that from the GROUP analysis. It is obvious because the 
differential settlement obtained from analytical method is lower than that obtained from 
GROUP. In the analytical method, the point of rotation was assumed to be at the center of 
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the pile cap. However, the analysis of the pile cap response from GROUP showed that the 
rotation is taking place at 3.30 m from the edge of the pile cap as shown in Figure 5.8.  
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GEOTECHNICAL DESIGN AND ANALYSIS OF PILED-RAFT FOR 
TALL WIND TURBINE 
 
6.1 Introduction 
Although the raft and pile group foundations can be used to support tall onshore 
wind turbines, the primary focus of this study is to investigate a hybrid foundation, piled-
raft foundation in detail because it has potential for developing innovative geometries and 
pile arrangements for economic design. The piled-raft foundation is developed by 
combining raft and pile foundations to take advantage of the unique features in each of 
them. It should be noted that the design of piled-raft is complex because the mobilized 
resistances by raft and piles is difficult to compute. The analytical design using semi-
empirical equations, numerical analysis and parametric study of piled-raft foundation to 
support the wind turbine are presented in this chapter. The main theory behind the piled-
raft foundation is load sharing between the raft and the piles at the soil-pile or soil-raft 
contacts. The combined action of the raft and the piles can increase the bearing capacity, 
reduce settlement and most importantly strategic arrangement of piles can reduce 
differential settlement. In spite of the benefits of the piled-raft foundation, the current 
design procedures lack in accuracy in predicting the actual behavior of the combined 
system. This is primarily due to the lack of understanding of the complex interaction taking 
place at the soil-pile and soil-raft interfaces when subjected to loads. 
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Researchers have developed various methods for analyzing piled-raft foundations 
and are still trying to develop robust methods in order to consider the complex pile-raft-
soil interaction. The analysis methods available in the literature are broadly classified as: 
simplified methods, approximate computer-based methods and more rigorous computer-
based methods. Simplified methods involve simple hand calculation and include the 
methods developed by Poulos and Davis (1980), Randolph (1994) and Franke et al. (1994) 
which use the elastic solution and simplified equations for the stiffness of piles, raft and 
combined piled-raft system. The approximate computer-based methods include a strip-on-
springs approach (raft represented by strip and piles by springs) and plate-on-springs 
approach (raft represented by thin plate and piles by springs). The more rigorous computer-
based methods include boundary element methods, finite element methods and combined 
boundary element and finite element method. The geotechnical design of piled-raft 
foundation using simplified design procedure is presented in this Chapter. To arrive at a 
final design, the number of piles, length of piles and position of piles and size of raft were 
adjusted until all the design requirements were met. The numerical analysis of the designed 
foundation using finite element software PLAXIS 3D is also presented in this Chapter. In 
addition, a parametric study to investigate the effect of design parameters such as wind 
speed, tower height, size of pile and number of piles on the design is also presented in this 
chapter. The analytical and numerical results are also compared and discussed. 
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6.2 Geotechnical design of piled-raft for axial load, bending moment and lateral 
load 
A preliminary geotechnical design of the piled-raft foundation for a wind turbine 
was performed following the procedure outlined by Hemsley (2000), in which the approach 
by Poulos and Davis (1980) and Randolph (1994) have been used. The necessary 
information required for the design such as design loads, soil properties, etc. have already 
been discussed in Chapter 3. The factors considered in the preliminary design of piled-raft 
were ultimate vertical, bending and lateral capacities, total and differential settlements, 
rotation of the tower due to wind load and lateral movement of the foundation.  
First, the ultimate bearing capacity of the raft was calculated using Equation 6.1 
defined by Poulos (2001). 
 1ur rNP K  (6.1) 
where pur is the ultimate bearing capacity of the raft in kPa, Nr is the average SPT value 
within the depth of one half of raft width and K1 is the factor depending on soil type and 
foundation. Then, the ultimate downward (Pult-dn) capacity of a single pile was determined 
as Pult-dn = Ps + Pt, where Ps and Pt are the ultimate frictional and toe resistances of the pile, 
respectively. The total capacity of all the piles in the group was determined by multiplying 
the single pile capacity by the total number of piles ensuring that the piles are placed far 
away to avoid the group effect, i.e. (Pu)p = nPult-dn. The axial capacity of the piled-raft 
foundation was then estimated as the lesser of the following: 
 The sum of the ultimate capacities of the raft plus all the piles in the system i.e. 
(Pu)rp =(Pu)r +  (Pu)p. 
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 The ultimate capacity of a block, (Pu)B containing the piles and raft, plus that of the 
portion of the raft outside the periphery of the pile group. 
Finally the factor of safety for axial load was calculated using Equation 6.2. 
 
   min ,u urp B
a
P P
FS
P
 
   (6.2) 
A factor of safety of 2.0 or more was considered adequate for axial capacity of the 
piled-raft foundation in this study.  
The capacity of the pile-raft foundation against bending moment load was 
determined next. For that, the ultimate moment capacity of the raft, pile group and piled-
raft block were calculated first. Equation 6.3 was used to calculate the ultimate moment 
capacity of the raft, Mur. 
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 (6.3) 
where Mm is the maximum possible moment that the soil can support, P is the applied 
vertical load, Pu is the ultimate centric load on raft when no moment is applied. The 
maximum moment for the circular raft, Mm was calculated using Equation 6.4. 
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 (6.4) 
where pur is the ultimate bearing capacity of the raft and D is the diameter of the circular 
raft. The ultimate moment capacity of a pile, Mup was estimated using Equation 6.5. 
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xM P
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  (6.5) 
where Puui is the ultimate uplift capacity of the i
th pile, ix  is the absolute distance of the ith 
pile from the center of the group and n is the number of piles. The ultimate moment capacity 
of the block, MuB was calculated using Equation 6.6. 
 2uB B BB upM B D  (6.6) 
where BB and DB are the width and depth of the block, respectively, up  is the average lateral 
resistance of the soil along the block and B  is the factor depending upon the distribution 
of ultimate lateral pressure with depth (0.25 for constant distribution of up  and 0.2 for 
linearly increasing up  with depth from zero at the surface). For this study, the circular 
section of block was converted to an equivalent rectangular section to apply Equation 6.6. 
Finally, the ultimate moment capacity of the piled-raft foundation was estimated as the 
lesser of the following: 
 The ultimate moment capacity of raft and the individual piles i.e. (Mu)rp =Mur +  
Mup. 
 The ultimate moment capacity of a block (MuB) containing the piles, raft and soil. 
The factor of safety for moment capacity was calculated using Equation 6.7. 
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A factor of safety of 2.0 or more was considered adequate for bending moment 
capacity of the piled-raft foundation in this study.  
After completing the axial load capacity and bending moment capacity check, the 
piled-raft was checked for lateral load capacity. The lateral pile capacity of a single pile 
was determined using the solutions proposed by Broms (1964a) outlined in 
Gudmundsdottir (1981). The detailed procedure has already been explained in Chapter 5. 
The ultimate lateral load capacity, (Pm)l and the lateral deflection, ym of a single pile were 
calculated. To determine the lateral capacity of all the piles in the group, the single pile 
was multiplied by the total number of piles. The value obtained was compared with the 
design lateral load. Finally, the factor of safety for lateral load capacity was calculated 
using Equation 6.8. 
 
 m l
lat
n P
FS
V
  (6.8) 
A factor of safety of 2.0 or more was considered adequate for lateral load capacity 
of the piled-raft foundation in this study.  
6.3 Design of the pile group for total and differential settlements  
The load-settlement behavior of the piled-raft was estimated by the approach 
described by Poulos (2001) in conjunction with the method for estimating load sharing 
between the raft and piles discussed by Randolph (1994). According to this method, the 
load sharing between the raft and the piles in a piled-raft foundation can be estimated on 
the basis of stiffness of the raft, piles and piled-raft. The stiffness of the piled-raft, Kpr was 
estimated by Equation 6.9 as proposed by Randolph (1994). 
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where Kr is the stiffness of the raft, Kp is the stiffness of the pile group and αrp is the raft-
pile interaction factor. The raft-pile interaction factor was assumed to be 0.8 in this study 
because as the number of piles in the group increases, the interaction factor increases and 
reaches a constant value of 0.8 as reported by Randolph (1994). Among the various 
methods available to estimate the raft stiffness, the method outlined by Randolph (1994) 
given in Equation 6.10 was used. 
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 (6.10) 
where G is the shear modulus of the soil, B is the width of the raft and ν is the Poisson’s 
ratio of the soil. 
For the estimation of the stiffness of a pile, the approach described by Poulos (2001) 
was adopted, where the target stiffness of the piled-raft was first determined using Equation 
6.11 with an assumed allowable settlement Sa.  
 pr
a
P
K
S
  (6.11) 
where P is the design axial load. The value obtained from Equation 6.11 was substituted in 
Equation 6.9 and solved for stiffness of the piles. The stiffness of the piled-raft will remain 
operative until the pile capacity is fully mobilized. The load at which the pile capacity is 
fully mobilized, PA was calculated using Equation 6.12. 
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where βp is the proportion of the load shared by the piles, Ppu is the ultimate vertical load 
capacity of the piles.  
For the hyperbolic load-settlement relationship, the secant stiffness of the piles and 
raft was expressed by Equation 6.13.                           
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where Kpi and Kri are the initial stiffness of the pile group and raft, respectively and Rfp and 
Rfr are the hyperbolic factors for the pile group and raft, respectively. 
The load settlement relationships given in Equations 6.14 and 6.15 were used to 
obtain the load-settlement curve for the piled-raft foundation. 
For P ≤ PA: 
 
pr
P
S
K
  (6.14) 
For P > PA: 
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The calculated axial load-settlement curve is shown in Figure 6.1.  
 
The differential settlement of the piled-raft foundation was determined according 
to the method developed by Randolph (1994) where the ratio of the differential settlement 
to group settlement is related to the factor as given in Equation 6.16.  
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Figure 6.1: Vertical load vs. settlement curve 
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where f = 0.3 for center-to-midside and 0.5 for center-to-corner, n is the number of piles, s 
is the center-to-center spacing and L is the length of the pile. For a circular raft, the 
differential settlement measured from all the directions will be the same unlike rectangular 
raft having different values for center-to-midside or center-corner. The center-to-midside 
criteria was assumed to be appropriate for the circular raft. Hence the corresponding value 
of f was used to calculate the differential settlement.  
6.4 Summary of the design outcomes 
The procedure discussed above to determine the capacity and settlement of the 
piled-raft foundation were repeated for various numbers, lengths and positions of piles until 
all the design requirements were met. The final design resulted in a raft with a radius of 7.5 
m, thickness of 1.2 m and 32 pre-stressed concrete piles of 0.457 m (18 in.) width with 10 
m length. The piles were arranged in two radii: 16 inner piles at 5.3 m radius and 16 outer 
piles at 6.7 m radius. The piles were arranged at a center-to-center spacing of at least three 
pile diameters to avoid group effect. The bottom of the raft is located at a depth of 1.5 m 
below the ground surface. The design outcomes are summarized in Table 6.1 and the sketch 
of the final design is shown in Figure 6.2. It should be noted that, although the factor of 
safety obtained for the bending moment didn’t meet the requirement (Fm ≥ 2.0), it was 
accepted because the factor of safety obtained for lateral load capacity is significantly high. 
The spreadsheet developed for this design is attached in Appendix D. 
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Foundation 
Vol. 
(m3) 
Fa Fm Flat 
ym 
(mm) 
Savg 
(mm) 
S 
(mm) 
Rotation 
(rad.) 
Piled-raft 278.95 3.55 1.46 6.14 13.52 46.96 20.44 1.36 x 10-3 
 
   
 
1.22 m
7.93 m
1.5 m
2.35 m
10.0 m
Medium 
dense 
sand
Soft to 
firm clay
Cooper 
Marl
1.2 m
Table 6.1: Summary of design 
Figure 6.2: Final design of piled-raft 
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6.5 Numerical modeling 
6.5.1 Software 
PLAXIS 3D (2015) was used to perform the numerical analysis of the designed 
piled-raft foundation. It is a three-dimensional finite element software used for stability 
(static and dynamic), deformation and groundwater flow analysis of various geotechnical 
problems. The geotechnical deformation problems require advance soil models to simulate 
the non-linear, time dependent and anisotropic behavior of soils. In addition, the 
geotechnical problems also involve modeling of structures and the interaction between the 
soil and the structures. PLAXIS 3D has the ability to deal with the geotechnical structures 
and the interaction between the soil and the structures as well. 
The model and finite element mesh for the given problem can be generated 
graphically in PLAXIS 3D. Alternatively, the model can also be generated by importing 
geometry from CAD and can be processed further. The user interface in PLAXIS consist 
of two sub-programs; input and output. The input is a pre-processor, which is used to define 
the problem geometry (defining soil, structures, boundary conditions and loads), to create 
the finite element mesh and to define calculation phases (PLAXIS 3D, 2015). The output 
program is a post-processor, which is used to inspect the results of calculations in a three-
dimensional view or in cross sections and to plot graphs of output quantities of selected 
geometry points (PLAXIS 3D, 2015). 
6.5.2 Generation and analysis procedure of numerical model 
The designed piled-raft foundation was modeled in PLAXIS 3D. The modeling 
procedure started with the selection of basic units and the model domain size. A 100 m x 
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100 m x 30 m model domain was selected to build the foundation within it. The model was 
fully fixed at the base and normally fixed (horizontal movement restricted) on the sides.  
After setting up the program and defining the model domain, the soil stratigraphy 
was defined in the soil tab of the input program using the Borehole feature of the program. 
The three soil layers shown in Figure 6.2 were added to the borehole and their respective 
material properties listed in Table 6.2 were assigned. The soils were modeled as linear 
elastic model in spite of the availability of non-linear soil models in PLAXIS, because the 
linear elastic model will provide the closest comparison to the analytical design results. 
The key input parameters for the linear elastic model are unsaturated unit weight (γunsat), 
saturated unit weight (γsat), Young’s modulus (E), Poisson’s ration (ν), permeability (k) 
and interface property (Rinter). Since the water table is at 1.52 m from the ground surface, 
the first layer i.e. sand layer was assigned drained condition and the second and third layers 
were assigned undrained condition type C. The Undrained type C condition uses undrained 
properties to model the soil behavior. The input model parameters for the soil layers are 
presented in Table 6.2. 
Material 
γunsat 
(kN/m3)  
γsat 
(kN/m3) 
E' (kN/m2) ν k (m/s) Rinter 
Sand 17.28 18.2 6.00 x 104 0.49 1 x 10-5 0.65 
Clay 16.50 - 3.74 x 104 0.50 - 0.65 
Cooper Marl 19.64 - 3.00 x 104 0.50 - 0.65 
 
Table 6.2: Linear elastic soil model input parameters 
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The structural components i.e. piles and raft were then defined in the structure tab 
of the input program. To create the raft, a surface was first created at the desired depth i.e. 
at 0.3 m and extruded to the depth of 1.2 m. The surface was then converted to the plate 
element and the material properties presented in Table 6.3 were assigned. The linear and 
isotropic options were selected for raft.  
Parameters Raft 
Thickness, d (m) 1.5 
Unit weight, γ (kN/m3) 25.0 
Type of behavior Linear, isotropic 
Young's modulus, E1 (kN/m2) 3 x 10
7 
Poisson's ration, ν12 0.15 
 
The piles were modeled using the square embedded beam elements with rigid 
connection to the raft. These elements can be placed in the soil and interact with soil with 
the help of special embedded interface elements. The interaction of the soil and the 
embedded beam elements depends on the spacing of the elements and the skin and toe 
resistances assigned to them. The embedded beam elements are considered to be linear 
elastic. The piles were attached to the raft by using the top and bottom coordinates of the 
pile and the material properties presented in Table 6.4 were assigned to them. Since the 
supporting soil is non-homogenous, the multilayer option was chosen to input the skin 
resistance of the pile. Depending on the distribution of the skin resistance computed from 
Table 6.3: Material properties of raft 
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the CPT output presented in Chapter 3, the soil was divided into six layers and the skin 
resistances per unit length of the pile in each layer were entered. 
Parameters Pile 
Young's modulus, E1 (kN/m
2) 3.0 x 107 
Unit weight, γ (kN/m3) 25.0 
Pile type Predefined, massive square pile 
Width (m) 0.457 
Skin resistance (kN/m) Multi-linear 
0.00 m - 0.33 m 171.06 
0.33 m - 2.77 m 66.27 
2.77 m - 3.68 m 77.20 
3.68 m - 4.29 m 66.26 
4.29 m - 5.51 m 76.78 
5.51 m -10.00 m 60.32 
Base resistance (kN) 188.10 
 
After creating the structural components, the loads were applied in the same tab. 
Various methods were attempted to represent the vertical load induced by the hollow tower 
on the raft. At first, the analysis was carried out with the vertical load represented by a 
single point load at the center of raft. The deformed shape obtained with this loading 
configuration was examined and found to be unreasonable due to deformation right below 
the application of the point load. A uniform line load was then used to represent the vertical 
load along the contact between the tower base and the raft. This attempt also failed as it 
induced problems in the generation of mesh. Finally, the vertical load was divided into 
Table 6.4: Material properties of piles 
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twenty equal parts and applied as multiple point loads along the contact line between the 
tower base and the raft. This approach seems to represent the realistic conditions more 
closely as the tower transfers the loads to the raft in the same manner. The lateral load and 
the bending moment were represented by the point loads at the edge and the center of the 
raft, respectively, with appropriate directions. Finally, positive and negative interfaces 
were created around the raft. The interface property, Rinter is listed in Table 6.2. 
After completing the model geometry, the model was discretized in space using the 
mesh generator available within the input tab. PLAXIS 3D allows for a fully automatic 
mesh generation procedure, in which geometry is divided into a number of elements and 
compatible structural elements, if applicable (PLAXIS, 2015). The mesh generation takes 
into account the position of the geometry entities in the geometry model, so that the exact 
positions of the layers, loads and structures are accounted for in the finite element mesh 
(PLAXIS 2015). The mesh was generated using the medium 10 noded element and by 
selecting the mesh refinement options. The model consists of 67,759 three-dimensional 
soil elements. The generated mesh is shown in Figure 6.3. 
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Once the input model is created, calculation phases were added to compute the 
responses at various levels. In this problem, three calculation phases were added: initial 
phase, excavation phase and loading phase. The initial phase is the first phase of calculation 
which is automatically generated. This phase consists of the initial geometry configuration 
and initial stress state. All the structural components and loads are deactivated and the soils 
are activated in this phase. The initial stresses were calculated using the K0 procedure and 
the staged construction was selected as the loading type. The second phase was added after 
the initial phase and named as excavation phase. The staged construction was chosen for 
loading type in excavation phase. Reset displacement to zero option was selected to 
disregard any displacement from the previous phase. In this phase, the piles and raft were 
activated. The final stage i.e. loading phase was added after the excavation phase. The 
30 m
Figure 6.3: Simulation domain with mesh 
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calculation type and loading type were the same as in excavation phase. In this phase, the 
loads were activated along with all the structural components. After successfully defining 
each calculation phase, the finite element model was analyzed for the assigned loads and 
boundary conditions.  
6.5.3 Results and discussions 
The output program of PLAXIS 3D provides very detailed results about 
deformation, stresses and structural forces. The deformed shape of the soil-pile-raft system 
at the end of the simulation is shown in Figure 6.4. Qualitative examination of the deformed 
shape shown in Figure 6.4 shows that the model responded to the loads and boundary 
conditions reasonably well because the piled-raft is tilting in the direction of application of 
loads along with a non-uniform deflection pattern. The foundation also seems to displace 
laterally in the direction of the applied lateral load but by very small amount compared to 
the vertical deflection. 
 
Initial 
position 
of raft
Final 
position 
of raft
(a) (b)
Figure 6.4: Deformed mesh (scaled up 50 times) (a) 3-D view and (b) Front view 
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The vertical deflection computed at the edges of the raft is shown in Figure 6.5 with 
the maximum and minimum values. The raft showed an uneven settlement with the 
minimum value at the edge where the lateral load is applied and the maximum value at the 
opposite edge. The maximum resultant deflection of the raft was computed to be 61.54 mm 
at the end of the simulation. The differential settlement was calculated to be 57.12 mm as 
the difference between the maximum and the minimum vertical deflections. Using the 
differential settlement, the rotation of the raft was calculated to be 0.22 or 3.84 x 10-3 
radians. Considering that the rotation of the tower will be equal to the rotation of the raft, 
the horizontal displacement of the tower at the top (rotor level) was calculated to be about 
0.5 m, which is acceptable. 
 
With the raft being a structural member, further examination of the forces in the 
raft can provide useful information for its structural design. The contour of the axial force 
(perpendicular to the plane of the raft) in the raft is shown in Figure 6.6 and the axial force 
at section A-A of raft is shown in Figure 6.7. Due to the application of the bending moment 
and the lateral load from left (A) to right (A), the distribution of the resultant axial force 
is non-uniform. It can be seen in Figure 6.6 that the edge of the raft has higher axial force 
than the central part. The same phenomenon can be observed in Figure 6.7. In addition, the 
15.00 m
0.22
60.93 mm
3.81 mm
Figure 6.5: Deformation of raft (scaled up 50 times) 
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applied bending moment has induced tension at the left section (represented by a negative 
value) and compression at the right section (represented by a positive value) of the raft. 
Since the maximum value of axial force generated in the raft is much lower than the design 
load, the design is assumed to be safe. 
  
A A
Figure 6.6: Axial force distribution on raft 
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Similarly, the resultant shear force distribution on the raft is shown in Figure 6.8 
and the shear force at section A-A of raft is shown in Figure 6.9. The shear force 
distribution on the surface of raft shown in Figure 6.8 shows the higher values at the edge 
(lower part from A-A) and decreases towards the opposite edge. The distribution of the 
shear force on section A-A shown in Figure 6.9 shows the higher values at the edges of 
the raft and lower values at the middle. Since the maximum shear force generated in the 
raft is lower than the design shear load, the design is assumed to be safe. 
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Figure 6.7: Axial force in raft at section A-A 
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Figure 6.8: Shear force distribution on raft 
Figure 6.9: Shear force in raft at section A-A 
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Finally, the bending moment distribution on the raft is shown in Figure 6.10 and 
the bending moment at section A-A of raft is shown in Figure 6.11. The positive bending 
moment in the figure refers to tension at the top and the negative bending moment refers 
to the tension at the bottom of the raft. The computed bending moment is higher at the 
central part of the raft and lower at the edge of the raft as seen in Figure 6.10. Similar 
responses can be observed in Figure 6.10 for the section of the raft at A-A with the 
maximum value at the center of the raft. This could be due to application of the bending 
moment at the center of the raft. It can be observed in Figure 6.11 that the bending moment 
started with a small value at the left edge (A) of raft, increased and then dropped to zero 
near the center of the raft. A similar pattern can be observed on the other half of the raft 
but with an opposite direction for the bending moment. The maximum resultant bending 
moment is much lower than the applied bending moment, hence the design is assumed to 
be safe. 
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Figure 6.10: Bending moment distribution on raft 
Figure 6.11: Bending moment in raft at section A-A 
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The results of the distribution of shear force and bending moment on the raft can 
be used to perform the structural design of the foundation. 
In addition to the response of the raft, the response of piles was also studied. The 
deformed shape of all the piles can be seen in Figure 6.4. The results of all the piles in the 
group are tabulated in Table 6.5, where BMmax is the maximum bending moment, Pmax is 
the maximum axial force, ux1 and ux2 are the maximum lateral deflection at the top and the 
bottom of the pile, respectively, |u| is the maximum resultant displacement and Ftoe is the 
pile tip resistance generated. The numbering of the piles in Table 6.5 is corresponding to 
Figure 6.2. 
Pile BMmax (kNm) Pmax (kN) ux1 (mm) ux2 (mm) |u| (mm) Ftoe (kN) 
1 -285.55 -1269.88 4.50 -0.75 53.43 188.10 
2 -272.95 -1409.67 4.50 -1.17 51.86 188.10 
3 -246.32 -1185.78 4.51 -1.87 47.42 188.10 
4 -267.20 -803.80 4.50 -4.35 40.76 188.10 
5 -245.18 -895.81 4.50 -5.90 32.91 162.00 
6 -277.07 -713.81 4.50 -7.16 25.15 112.00 
7 -297.12 -443.03 4.50 -7.59 19.14 74.75 
8 -321.21 -426.98 4.51 -7.85 15.28 58.17 
9 -319.75 -380.82 4.50 -7.77 13.96 47.12 
10 -321.62 -378.10 4.49 -7.73 15.27 47.83 
11 -291.82 -468.76 4.47 -7.48 19.14 85.82 
12 -268.31 -635.75 4.46 -6.87 25.23 89.47 
13 -260.38 -795.30 4.46 -6.14 32.18 159.30 
14 -263.49 -1011.37 4.46 -4.07 40.83 180.40 
Table 6.5: Summary of the results of all piles 
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Table 6.5 (Continued)     
15 -285.20 -1180.13 4.47 -1.47 47.47 188.10 
16 -293.61 -1365.48 4.49 -1.20 51.90 188.10 
17 -287.05 -4750.93 4.50 0.17 58.29 188.10 
18 -314.37 -4588.49 4.50 0.01 56.34 188.10 
19 -313.90 -3763.71 4.51 -0.94 50.82 188.10 
20 -284.54 -3169.19 4.50 -2.82 42.53 188.10 
21 -248.54 -2092.81 4.50 -5.12 32.80 188.10 
22 -278.63 -1087.18 4.50 -6.77 23.13 128.70 
23 -281.09 -395.28 4.50 -7.47 16.12 61.46 
24 -281.25 278.56 4.51 -7.52 11.87 30.35 
25 -284.15 469.17 4.50 -7.48 10.51 19.49 
26 -279.20 277.25 4.48 -7.57 11.97 29.29 
27 -286.15 -388.69 4.46 -7.56 16.23 67.70 
28 -264.75 -1167.77 4.44 -6.79 23.23 144.60 
29 -255.34 -2239.32 4.44 -5.15 32.88 188.10 
30 -247.00 -3052.34 4.45 -2.54 42.61 188.10 
31 -284.65 -4030.64 4.46 -0.90 50.88 188.10 
32 -286.79 -4617.78 4.48 -0.06 56.38 188.10 
 
The maximum bending moment for all the piles is found to be at the top of the pile. 
All the piles have a similar nature of bending moment distribution varying from the 
maximum value at the top to the minimum value at the bottom of pile. The maximum 
bending moment is -321.62 kNm in pile 10 and the minimum is -245.18 kNm in pile 5.  
The negative values of axial force of the piles listed in Table 6.5 indicate that the 
most of the piles are in compression (except 24, 25 and 26). It is observed that the 
magnitude of axial force decreases for the piles away from the load application. The 
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maximum compressive force generated is 4617.78 kN in pile 32 and the maximum tensile 
force generated is 278.56 kN in pile 24.  
The lateral deflection of the top of the pile is almost equal for all the piles. However, 
the lateral deflection of the bottom of the pile is different for all piles. The top of the pile 
is deflecting laterally in the direction of loading and bottom of the pile is deflecting in the 
opposite direction except for piles 17 and 18. The top and bottom of piles 17 and 18 are 
deflecting in the same direction. The maximum lateral deflection obtained from simulation 
is 4.51 mm in pile 19.  
The maximum total settlement is found to be higher for the piles positioned along 
the direction of loading, while the piles at the opposite side show lower settlement. The 
maximum settlement is found to be 53.43 mm in pile 1 and the minimum settlement is 
10.51 mm.  
The toe resistances developed in each pile are also listed in Table 6.5. The 
maximum possible value of toe resistance in the pile is restricted by the input value of toe 
resistance. In this study, the maximum possible toe resistance is 188.1 kN, hence this value 
is not exceeded for any pile. Depending on the position of the pile, the toe resistances 
developed are found to be different for piles at different locations. The maximum toe 
resistances are generated in the piles located in the loading direction. 
Among 32 piles, the response of the least loaded (pile no. 25), medium loaded (pile 
no. 29) and the most loaded (pile no. 17) piles shown in Figure 6.12 were studied. The level 
of loading on the piles was decided based on the loading direction, pile position and results 
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in Table 6.5. The lateral deflection of the piles at the end of the simulation is also presented 
in Figure 6.12. 
 
The axial force and the bending moment distribution in piles 25, 29 and 17 are 
shown in Figures 6.13, 6.14 and 6.15, respectively, where A represents pile head and B 
represents pile tip and the thick black line represents the pile. It can be seen in Figure 6.13 
(a) that the axial force developed on pile 25 decreases from the maximum value at the top 
(pile head-connection point between the raft and the pile) to the minimum value at the 
bottom of the pile (pile tip-free end). The distribution of the axial load along the length of 
the pile can be related to the skin resistance of the pile and the value at the bottom of the 
pile can be related to the toe resistance of the pile. The positive axial load represents tensile 
and negative axial load represents compressive loads in the pile. Since the axial force along 
the length of the pile or skin resistance is positive, it can be proven that the pile 25 is in 
25
IP
IP
FP
FP
29
17
IP = Initial position 
FP = Final position
Figure 6.12: Positions of the least loaded (25), medium loaded (29) and the most loaded 
pile (17) (“IP” refers initial position and “FP” refers final position) 
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tension. Similarly the bending moment distribution in pile 25 is shown in Figure 6.13 (b) 
where the maximum bending moment is observed at the pile head (A) which decreases to 
zero at the pile tip (B). 
    
Similarly, the axial force distribution for pile 29 as shown in Figure 6.14 (a) is 
similar to that of pile 25 except pile 29 is under compression. The skin and the toe 
resistances generated for pile 29 are higher than that of pile 25. However, the bending 
moment distribution in pile 29 shown in Figure 6.14 (b) is identical to that of pile 25. 
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Figure 6.13: Response of pile 25 (a) Depth vs. axial force distribution and (b) Depth vs. 
bending moment distribution 
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Finally, the axial force distribution in pile 17 shown in Figure 6.15 (a) is similar to 
that of pile 29 but it shows higher axial force than pile 29. Pile 17 has the highest value of 
axial force of all the three piles discussed which might be due the addition of axial force 
due to bending moment. Since the axial force due to bending moment and vertical applied 
load is in the same direction, the resultant effect will be higher in pile 17, unlike pile 25 
where the axial force due to bending moment and vertical applied load are in the opposite 
direction resulting in lower value. The negative values of axial force distribution represent 
that the pile is in compression, which is obvious. The maximum bending moment for pile 
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Figure 6.14: Response of pile 29 (a) Depth vs. axial force distribution and (b) Depth vs. 
bending moment distribution 
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17 is at the pile head and the minimum bending moment is at the pile tip as shown in Figure 
6.15 (b). It can be observed that the distribution of axial force varied for different position 
of piles. However, the distribution of bending moment is almost the same for all the piles 
under consideration. 
   
6.6 Comparison and discussions of results from analytical and numerical methods 
The comparison of results from the analytical design and numerical methods was 
carried out and summarized in Table 6.6. 
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Figure 6.15: Response of pile 17 (a) Depth vs. axial force distribution and (b) Depth vs. 
bending moment distribution 
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Analysis type 
Maximum 
settlement 
(mm) 
Differential 
settlement 
(mm) 
Lateral 
deflection 
(mm) 
Rotation 
(radians) 
Analytical method 46.96 20.44 13.52 1.36 x 10-3 
PLAXIS 3D 61.54 57.12 9.07 3.84 x 10-3 
 
It can be seen from Table 6.6 that the maximum settlement computed from PLAXIS 
3D is higher than that obtained from analytical method by 31.06 %. The difference in the 
values could be due to many factors including the way the axial load is considered in these 
two procedures, the load combination to compute settlement and the internal procedures 
implemented in the computer code. The calculation of maximum settlement from the 
analytical method involves only the vertical load and the entire piled-raft system was 
assumed to settle uniformly under the applied vertical design load. However, the maximum 
settlement computed from PLAXIS 3D is the resultant settlement due to combined action 
of vertical load, lateral load and bending moment. Due to the application of vertical load, 
lateral load and bending moment, the piled-raft was found to settle non-uniformly with a 
higher value in the direction of loading giving higher settlement.  
Similarly, differential settlement computed from PLAXIS 3D was also found to be 
179.5 % higher than that from analytical method unlike maximum settlement where the 
difference was small. In the analytical method, the differential settlement was calculated 
following the procedure by Randolph (1994) where it was assumed that the foundation will 
rotate about its center giving equal upward and downward settlement at the extreme edges. 
While in PLAXIS 3D, the deformed shape of the raft was observed to calculate the 
Table 6.6: Comparison of results from analytical and numerical methods 
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differential settlement. It was found that the rotation was taking place at the edge where 
the lateral load was applied and both the edges moved down by different amounts causing 
differential settlement. The differential settlement obtained from PLAXIS 3D is more 
reasonable because the Randolph (1994) method used in the analytical calculation is 
basically for a rectangular raft with piles arranged in rows and columns. Furthermore, it 
doesn’t take the bending moment and the lateral load in account. On the other hand 
PLAXIS 3D takes into account the effect of all three loads providing more realistic results.  
The results can be further improved by using an elastoplastic constitutive model for the 
soil. 
The lateral deflection obtained from PLAXIS 3D was found to be 32.9 % lower 
than that from analytical method. The reason for this might be the difference in the way 
the analyses were conducted and the assumptions that are made. In the case of the analytical 
calculation, the foundation system was analyzed for lateral load considering a single pile 
rather than group piles with the assumption that each pile in the group will behave in the 
same way. However, the numerical simulation results show (Figures 6.4 and 6.12.) that 
different piles in the foundation system behave differently depending on their location with 
respect to the load. 
The rotation for both methods was calculated using the differential settlement and 
the width of the raft. Due to the higher differential settlement obtained from PLAXIS 3D, 
the rotation from PLAXIS 3D was found to be higher than that from analytical method. 
Although the rotation from PLAXIS 3D is 182.4 % higher than that from analytical 
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method, the resulting displacement at the top of the tower is only about 0.5 m, which is 
acceptable. 
6.7 Parametric study 
A parametric study was performed to develop a relationship between the volume of 
material required for constructing the foundation versus the input and design parameters 
such as wind speed, tower height, pile size and number of piles. For each parametric study, 
the minimum safety and settlement requirements were maintained by adjusting the number 
and length of piles. The volume of material required for each increment of the variable was 
compared to establish the relationship between the cost and the design parameter since the 
volume can be directly related to the cost. The results are shown graphically in Figure 6.16. 
For each case of the parametric study, the length and number of piles were adjusted keeping 
the size of the raft constant to satisfy the minimum design requirements i.e. minimum factor 
of safety for axial capacity, lateral capacity and moment capacity and settlement. 
The design of the piled-raft for the different values of wind speeds, tower height 
and number of piles involved adjusting the length and number of piles keeping the width 
of the pile constant. While the design for the different values of width involved adjusting 
the number of piles with the length kept constant. 
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Figure 6.16. Effect of changing design variables on the volume of the foundation (a) 
Wind speed vs. volume, (b) Tower height vs. volume, (c) Number of piles vs. volume and 
(d) Pile size vs. volume. 
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It can be seen in Figure 6.16 (a) and (b) that an increase in wind speed and tower 
height resulted in an increase in the required volume of material for constructing the 
foundation. This is obvious because the increase in wind speed and tower height imposes 
higher design loads demanding bigger foundation i.e. higher volume of material.  
Similarly, the increase in the pile size resulted in an increase in the required volume 
of material as presented in Figure 6.16 (c). Finally, Figure 6.16 (d) shows that when the 
number of piles in a group increases, the required volume of material decreases up to 
certain number of piles and then it begins to increase. It is interesting to compare the 
optimum number of piles from Figure 6.16 (d) with the design results and even more 
interesting to know that the numbers of piles from both results are in agreement. 
The detailed results of the parametric study are presented in Table 6.7 where np, l, 
S and vol. represents the number, length, settlement and volume respectively of material 
required and numbering 1 to 5 represents the points in Figure 6.16 for each consecutive 
variation. An effort was made to bring the settlement of all the parametric studies in the 
range of 47.0 mm and the final settlement achieved was such that it varied by a maximum 
of 1.60 mm above and 1.53 mm below the target settlement. 
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Variables Results 1 2 3 4 5 
Wind 
speed 
np 32 28 32 28 28 
l (m) 8 11 10 12 14 
S (mm) 48.01 47.33 46.96 46.85 46.05 
vol. (m3) 265.57 276.44 278.95 282.29 294.00 
Tower 
height 
np 16 20 32 32 32 
l (m) 8 10 10 12 14 
S (mm) 48.60 47.11 46.96 46.45 46.42 
vol. (m3) 238.81 253.86 278.95 292.33 305.70 
Pile size 
np 32 28 24 16 12 
l (m) 10 10 10 10 10 
S (mm) 46.84 46.88 46.96 47.22 47.59 
vol. (m3) 278.95 284.32 301.24 304.96 312.39 
Number 
of piles 
np 24 28 32 36 40 
l (m) 17 13 10 10 10 
S (mm) 46.24 46.59 46.96 46.14 45.47 
vol. (m3) 297.34 288.15 278.95 287.31 295.67 
 
Since one of the major objectives of adding piles to the raft is to decrease the 
settlement, it can be beneficial to determine the relationship between the number of piles 
and the settlement of the piled-raft foundation as a single system. The effect of the number 
of piles on the settlement is shown in Figure 6.17 where the corresponding settlement for 
the different number of piles with same size and length of pile are plotted.  
Table 6.7: Results of parametric study 
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 It can be seen in Figure 6.17 that an increase in the number of piles while keeping 
the size and length constant resulted in significant decrease in settlement up to certain 
number of piles and thereafter addition of piles had negligible contribution in reducing the 
settlement. The optimum number of piles obtained from Figure 6.17 is in agreement with 
the previous findings i.e. from Figure 6.16 (d). 
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Figure 6.17: Effect of number of piles on the settlement of piled raft foundation 
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COMPARISON AND SELECTION OF FOUNDATION 
 
7.1 Introduction 
One of the objectives of this study is the selection of the most economical as well 
as safe foundation for the prevailing site conditions. In this chapter, the comparison and 
recommendation on a suitable foundation from the designed foundations based on the 
results of analytical geotechnical design are presented. 
7.2 Comparison of foundations 
All the foundations designed for the tall onshore wind turbine were compared to 
determine the most suitable and economical foundation for the site under consideration. 
The results of the geotechnical design of the three foundations are summarized in Table 
7.1.  
Foundation 
Volume 
(m3) 
Settlement 
(mm) 
Differential 
settlement 
(mm) 
Lateral 
deflection 
(mm) 
Rotation 
(rad) 
Raft 1017.88 53.39 27.56 - - 
Pile group 645.38 59.02 13.63 10.81 9.17 x 10-4 
Piled-raft 278.95 46.96 20.44 13.52 1.36 x 10-3 
 
It can be observed in Table 7.1 that the use of the pile group instead of the raft 
foundation will decrease the volume by 36.59 % and use of the piled-raft instead of the pile 
Table 7.1: Comparison of foundations 
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group will decrease volume by 56.78 % for the arrangement considered in this study. The 
decrease in volume from the raft to the pile group and the pile group to the piled-raft is 
very significant and can greatly lower the cost of constructing wind turbines. It should be 
noted that in the development of a wind farm, wind turbines are installed in large numbers 
and therefore the findings from this study will result in significant cost reduction.  The total 
settlement calculated for the three foundations under study are also presented in Table 7.1. 
It can be observed that the settlement of the piled-raft is lower by 6.43 mm and 12.06 mm 
than the raft foundation and the pile group foundation, respectively. Had this difference be 
required to be zero, both raft and pile group would require higher volume of material, 
resulting in a higher difference in the volume of material than the present condition. The 
differential settlements listed in Table 7.1 are based on the correlation. The differential 
settlement obtained is the highest for the raft foundation and lowest for the pile group. 
Since the pile group has a higher quantity of piles that are longer and larger than those of 
the piled-raft, it resulted in lower differential settlement than the piled-raft. The lateral 
deflection obtained for the pile group and piled-raft is also presented in Table 7.1. Similar 
to the differential settlement, the lateral deflection for the pile group is lower than that for 
the piled-raft for the same reason. The rotation of the pile group and the piled-raft 
calculated on the basis of differential settlement is also presented in Table 7.1. Due to the 
lower differential settlement of the pile group, it has lower rotation than the piled-raft. The 
rotations obtained for both the pile group and the piled-raft are acceptable as they will 
produce a horizontal displacement of only 0.12 m and 0.18 m, respectively, at the top of 
the tower. It is obvious that if the top of the tower rotates, the center of gravity of the tower 
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will shift producing additional moment at the base of the tower. The designed pile group 
and the piled-raft were checked for the stability with the additional moment due to rotation 
and it was found that it would not cause any problem in the stability of the foundation. 
7.3 Selection of foundation 
The selection of the most suitable foundation was done on the basis of the stability 
and cost of the foundation. For the former, the results such as maximum settlement, 
differential settlement, lateral deflection and rotation were compared and for the latter, the 
volume of the foundation was used as it can be directly related to cost.  It can be seen in 
the previous section that the piled-raft foundation is the most stable and it requires the least 
volume of material to construct the foundation among all the foundations under 
consideration. The use of the piled-raft will occupy a much smaller footprint and hence 
occupy a smaller area in a wind farm compared to the raft foundation. In addition, a much 
lower depth of pile driving compared to the pile group will reduce the cost to a great extent. 
Hence it can be concluded that the piled-raft foundation is the most appropriate 
foundation for the given site conditions in terms of stability and volume of material 
required. In addition, the prevailing soil condition i.e. soft to stiff clay favors deep 
foundation rather than shallow foundation. 
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CONCLUSIONS AND RECOMMENDATIONS 
 
8.1 Conclusions 
Based on the study conducted the following conclusions are made for the given site 
conditions: 
 The study of analytical design results of three foundations showed that the piled-
raft foundation is the most economical for the given site conditions based on the 
volume of materials required. 
 The use of long piles in the pile group can pose many issues during construction 
and functioning period, such as difficulty in driving piles to great depth, difficulty 
in bonding the pre-fabricated pieces of piles together, problems arising when the 
tensile force acts on such bonded piles, etc. Similarly, the use of the raft may exhibit 
issues such as large area coverage, higher volume of material required, etc. The 
piled-raft foundation can address these issues and is considered to be appropriate 
option for wind farm.  
 The differences observed between the analytical design results and numerical 
simulations of the pile group and the piled-raft indicated that the analytical design 
method is not an appropriate tool. The analytical design needs to be modified for 
better representation of the real situation. Hence the structures such as pile group 
and piled-raft are suitable for simulation-based design. 
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 The results from the numerical simulations such as shear force and bending moment 
distribution on the raft and along the piles can be useful to perform structural design 
of piles. 
 The parametric study results of the piled-raft showed that the increase in wind 
speed, height of tower and width of pile resulted in an increase in the volume of 
material required.  
 The increase in number of piles in the piled-raft resulted in an interesting 
development where the volume of material first decreased and then increased 
beyond a certain number of piles. Such a plot can be used to determine an optimum 
number of piles. 
  While analyzing the settlement of the piled-raft, it was observed that the addition 
of piles contributed significantly in reducing the settlement only up to a certain 
number of piles. Such result can be helpful to avoid unnecessary/uneconomical use 
of piles which are not contributing in settlement reduction.  
 The results of parametric study can serve as a design chart or design tool and can 
be an aid to the simplified design procedure to decide the most economical 
configuration of the piled-raft foundation. 
8.2 Recommendations and future work 
The following recommendations and future work are suggested based on the 
limitations of this study and design approach used: 
 Since all the analyses were conducted for static case, it is recommended to consider 
seismic loads for complete analysis as Charleston lies in a seismic zone. 
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 The calculation of settlements of the pile group and piled-raft foundation considers 
only vertical load. It is necessary to develop a new theory which would consider 
lateral load and bending moment as well. 
 Since the direction of wind can change, the use of octagonal shaped piles would be 
wiser as it would result in similar response for all wind directions. 
 For the further investigation, full scale or model scale tests can be conducted for 
model validation and calibration for simulation based geotechnical design. 
 The numerical analysis of the piled-raft foundation was performed using linear 
elastic soil model. It is recommended to conduct the analysis using more advanced 
elastoplastic soil model so that the results will be closer to the actual scenario. 
 The uncertainties of loads and complex foundation behavior are not incorporated 
in the deterministic design approach. Hence it is encouraged to conduct reliability-
based design to address these issues and improve the performance of the 
foundation. 
 The orientation and shape of piles in the pile group and the piled foundation can be 
changed and the response can be observed to come up with the innovative 
foundation design. 
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SPREADSHEET FOR CALCULATION OF DESIGN LOADS
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A.1 Calculation of dead load 
Unit weight of concrete = 23.58 kN/m3 
Unit weight of steel = 78.5 kN/m3 
Height of 
section (m) 
Outside 
dia. (m) 
Inner dia. 
(m) 
Outer 
vol. (m3) 
Inner vol. 
(m3) 
Vol. of 
tower (m3) 
Weight 
(kN) 
CONCRETE PORTION 
0.5 12.10 11.30 52.85 45.81 7.03 165.85 
4.5 11.10 10.30 406.49 346.41 60.08 1416.80 
4.4 10.35 9.50 347.25 289.32 57.93 1366.04 
4.4 9.70 8.80 302.10 246.77 55.33 1304.75 
4.4 9.00 8.10 261.54 210.24 51.29 1209.46 
4.4 8.40 7.50 226.72 179.16 47.56 1121.50 
4.4 7.80 6.90 196.96 152.82 44.14 1040.87 
4.4 7.30 6.40 176.60 134.95 41.66 982.23 
4.4 7.00 6.10 162.10 122.31 39.79 938.25 
4.4 6.70 5.80 150.47 112.23 38.24 901.60 
4.4 6.50 5.60 141.49 104.50 36.99 872.28 
4.4 6.30 5.40 132.78 97.03 35.75 842.96 
4.4 6.10 5.20 124.36 89.85 34.51 813.64 
4.4 5.90 5.00 116.20 82.94 33.26 784.32 
4.4 5.70 4.80 110.26 77.93 32.33 762.33 
30.8 5.60 4.70 758.22 438.35 319.87 7542.65 
STEEL PORTION  
1.55 5.60 3.80 38.16 23.15 15.01 1178.34 
23.6 5.60 4.90 581.57 308.65 272.92 21424.08 
2.5 5.60 3.20 47.32 23.31 24.01 1884.92 
2.55 4.19 3.69 33.60 29.01 4.58 359.82 
6.78 4.01 3.93 28.45 27.33 1.13 88.321 
   Weight of tower (kN) = 47001.02 
   Weight of nacelle and rotor (kN) = 4708.80 
   
Total weight of tower, nacelle and 
rotor (kN) = 
51709.82 
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A.2 Calculation of wind load 
A.2.1 Wind load parameters from ASCE 7-10 
Wind load parameters Value 
Location Charleston, SC 
Risk category III 
Wind speed, V 160 mph 
Wind directionality factor, Kd  0.95 
Exposure category  C 
Topographic factor, Kzt  1 
Gust effect factor, G  0.85 
 
A.2.2 Exposure constants 
Exposure constants a zg (m) zmin (m) 
C (SI) 9.5 274.32 4.57 
 
 
2/
2/
For 15 ft :     2.01 /
For 15 ft :     2.01 15 /
a
g z g
a
z g
z z K z z
z K z
  
 
 
Internal pressure coefficients, GCpi = 0 
Wind load pressure, 
2 2 20.613 / 2979.32 /z z zt dq K K K V N m N m  (Note: V is in m/s) 
Wind load, z f fF q GC A , where Af is the projected area, Cf  = 0.8. 
 
A.2.3 Calculation of shear force and moment 
 
Density of air = 0.012017 kN/m3 
Diameter of nacelle = 1.0 m (assumed) 
Drag coefficient for nacelle, Cd = 0.42  
Drag force on nacelle, Fd = 10.14 kN 
Moment due to drag on nacelle = 1318.23 kNm 
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Outside 
dia. (m) 
Thickness 
of the 
wall (m) 
Inner 
dia. (m) 
Height of 
section 
(m) 
z (m) Kz qz (N/m2) Af (m2) Fd (kN) 
Lever arm 
from tower 
base (m) 
Moment at 
base of tower 
(kNm) 
 
12.10 0.40 11.30 0.50 0.25 0.85 2532.35 9.50 16.36 0.25 4.09  
11.10 0.40 10.30 4.50 2.75 0.76 2272.41 78.46 121.24 2.75 333.41  
10.35 0.43 9.50 4.40 7.20 0.93 2782.83 71.53 135.37 7.20 974.63  
9.70 0.45 8.80 4.40 11.60 1.03 3076.75 67.04 140.26 11.60 1627.06  
9.00 0.45 8.10 4.40 16.00 1.11 3292.26 62.20 139.26 16.00 2228.12  
8.40 0.45 7.50 4.40 20.40 1.16 3465.03 58.06 136.79 20.40 2790.60  
7.80 0.45 6.90 4.40 24.80 1.21 3610.47 53.91 132.36 24.80 3282.40  
7.30 0.45 6.40 4.40 29.20 1.25 3736.78 50.45 128.20 29.20 3743.56  
7.00 0.45 6.10 4.40 33.60 1.29 3848.84 48.38 126.62 33.60 4254.50  
6.70 0.45 5.80 4.40 38.00 1.33 3949.86 46.31 124.38 38.00 4726.30  
6.50 0.45 5.60 4.40 42.40 1.36 4042.02 44.92 123.48 42.40 5235.52  
6.30 0.45 5.40 4.40 46.80 1.39 4126.92 43.54 122.19 46.80 5718.66  
6.10 0.45 5.20 4.40 51.20 1.41 4205.73 42.16 120.57 51.20 6173.38  
5.90 0.45 5.00 4.40 55.60 1.44 4279.37 40.78 118.66 55.60 6597.63  
5.70 0.45 4.80 4.40 60.00 1.46 4348.54 39.40 116.49 60.00 6989.57  
5.60 0.45 4.70 30.80 77.60 1.54 4590.51 270.93 845.72 77.60 65628.18  
5.60 0.90 3.80 1.55 93.78 1.60 4777.18 13.63 44.29 93.78 4153.43  
5.60 0.35 4.90 23.62 129.99 1.72 5117.13 207.81 723.10 106.36 76910.05  
5.60 1.20 3.20 2.50 119.42 1.69 5026.64 21.99 75.17 119.42 8976.90  
4.19 0.25 3.69 2.55 121.95 1.69 5048.83 16.77 57.58 121.95 7021.68  
4.01 0.04 3.93 6.78 126.61 1.71 5088.88 42.64 147.55 126.61 18681.42  
 Total height = 130.00         3695.65   236051.11  
        Total moment (kNm) = 237369.34  
        Total lateral load (kN)= 3705.79  
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A.3 Geotechnical design of raft for bearing capacity 
A.3.1 Input parameters 
R =  18.0 m Radius of raft 
B =  36.0 m Diameter of raft 
t =  1.00 m Thickness of raft 
Df =  1.50 m Depth of raft from ground level 
Vr =  1017.88 m3 Volume of raft 
γsat =  18.90 kN/m3 Unit weight (weighted average of all soil layers) 
ϕ =  0.43 deg. Friction angle (weighted average of all soil layers) 
c =  98.83 kN/m2 Cohesion (weighted average of all soil layers) 
dw =  1.52 m Depth of water table 
γc = 25.00 kN/m3 Unit weight of concrete 
 
A.3.2 Design loads and eccentricity 
Wf  = 25446.90 kN Weight of raft 
P1 = 47001.02 kN Weight of tower 
P2 = 4708.80 kN Weight of nacelle and rotor 
P3 = 8804.63 kN Weight of soil above raft 
Q = 85961.34 kN Total axial load (P1+P2+P3) 
M1 = 240518.76 kNm Moment at the base of the raft due to wind pressure 
M2 = 3705.79 kNm Moment due to the horizontal load acting on the raft 
M = 244224.55 kNm  
e = M/Q = 2.84 m Eccentricity 
B/6 =  6.00 m  
e < B/6 OKAY 
A = 1017.88 m2 Area of raft 
uD = 0.00 kN/m2 Water pressure at the base of the raft 
qmax = 124.44 kN/m2 Maximum pressure at the base of the raft 
qmin = 44.46 kN/m2 Minimum pressure at the base of the raft 
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A.3.3 Calculation of effective area 
Aeff = 814.17 m2 Effective area (Ellipse) 
be =  30.32 M Be = 2(R-e) 
le =  34.19 m Le = 4A'/(πbe) 
l' =  30.30 m Length of equivalent rectangle 
b' =  26.87 m Breadth of equivalent rectangle 
 
A.3.4 Calculation of bearing capacity using effective dimensions 
γw =  9.81 
kN/m
3 
Unit weight of water 
γ'=  9.09 
kN/m
3 
Modified effective unit weight of soil 
q'= 25.95 
kN/m
2 
Effective vertical overburden pressure 
 
A.3.4.1 Calculation of factors 
Bearing 
capacity 
factors 
Nc = 5.24 
Shape 
factors 
sc  = 1.18 
Depth 
factors 
dc  = 1.02 
Nq = 1.04 sq  = 1.01 dq  = 1.00 
Nγ = 0.03 sγ  = 0.11 dγ  = 1.00 
Load 
inclination 
factors 
ic  = 0.99 Base 
inclination 
factors 
bc  = 1.00 Ground 
inclination 
factors 
gc  = 1.00 
iq  = 1.00 bq  = 1.00 gq  = 1.00 
iγ  = 1.00 bγ  = 1.00 gγ  = 1.00 
A.3.4.2 Check 
qu= 638.61 kN/m2 Ultimate bearing capacity 
FSbc =    5.13 > 3.0 OKAY Factor of safety for bearing capacity 
 
A.3.5 Lateral load 
V = 3705.79 kN Total shear load applied 
 = 0.30  - Coefficient of friction 
Ka = 0.99  - Rankine active earth pressure coefficient 
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Table continued  
Kp= 1.02  - Rankine passive earth pressure coefficient 
Pa = 9.30 kN Active force acting on the raft 
Pp = 9.59 kN Passive force acting on the raft 
Vf = 12894.34 kN Shear capacity 
FSlat = 6.96 > 2.0 OKAY  Factor of safety for lateral load 
A.4 Geotechnical design of raft for total and differential settlement 
qo =  84.45 kPa Foundation pressure on soil 
B =  36.00 m Diameter of raft 
Df = 1.50 m Depth of raft 
H = 100.00 m 
Thickness of compressible soil layer (assuming the bed rock 
is at 100 m) 
H/B = 2.78  -  
Df/B = 0.04  -  
A1 = 0.57  - From Figure 4.3 
A2 = 0.96  - From Figure 4.3 
Es = 30722.56 kN/m2 Weighted average modulus of elasticity of soil 
 = 55.13 mm Total elastic settlement 
D / = 0.5  -  
D = 27.56 mm Differential settlement 
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SPREADSHEET FOR DESIGN OF PILE GROUP 
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B.1 Design of pile group for axial, bending moment and lateral capacity 
B.1.1 Design loads and input dimensions: 
P1 = 47001.02 kN Weight of tower 
P2 = 4708.80 kN Weight of nacelle and rotor 
P = 51709.82 kN Total deal load (P1+P2) 
Q = 51709.82 kN Total axial load 
M = 237369.34 kNm Moment 
H = 3705.8 kN Due to wind 
R =  7.43 m Radius of pile cap 
D =  14.86 m Diameter of pile cap 
t = 1.0 m Thickness of pile cap 
Wpc = 4162.35 kN Weight of pile cap 
Pt = 55872.17 kN Total vertical load acting on pile (including the weight of the pile cap) 
 
B.1.2 Calculation of single pile capacity: 
B.1.2.1 Toe resistance (Pt') 
qt' =  900 kPa 
At =  0.372 m2 
Pt' = Atqt' =  334.45 kN 
 
B.1.2.2 Skin resistance of 25 m pile 
B.1.2.2.1 Input pile dimensions 
B =  0.610 m Width of pile 
L =  25.0 m Length of pile 
A =  0.372 m2 Cross sectional area of pile 
Df = 1.5 M Depth of pile cap 
 =  25.0 kN/m3 Unit weight of reinforced concrete 
Wf = 232.26 kN Weight of pile 
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B.1.2.2.2 Skin resistance (Ps) 
Depth (m) 
Thickness 
(m) 
CPT 
fs/pa α 
Pile 
fs (kN/m2) fs (kN/m2) As (m2) Ps (kN) 
1.50-1.83 0.33 250 2.5 0.375 93.75 0.80 75.27 
1.83-4.27 2.44 50 0.5 0.725 36.25 5.95 215.59 
4.27-5.18 0.91 100 1.0 0.420 42.00 2.23 93.67 
5.18-5.79 0.61 50 0.5 0.725 36.25 1.49 53.90 
5.79-7.01 1.22 100 1.0 0.420 42.00 2.97 124.89 
7.01-26.50 19.49 40 0.4 0.825 33.00 47.52 1568.13 
 25.00     Ps (kN) = 2131.45 
 
B.1.2.2.3 Ultimate downward and upward capacity 
Pult-dn =  2465.90 kN Ultimate downward load capacity (Pt'+Ps+Pb-Wf) 
Pult-up =  2363.71 kN Ultimate upward load capacity (Ps+Wf) 
 
B.1.2.3 Skin resistance of 30 m pile 
B.1.2.3.1 Input pile dimension 
B =  0.610 m Width of pile 
L =  30.0 m Length of pile 
A =  0.372 m2 Cross sectional area of pile 
Df = 1.5 m Depth of pile cap 
 =  25.0 kN/m3 Unit weight of reinforced concrete 
Wf = 278.71 kN Weight of pile 
 
B.1.2.3.2 Skin resistance (Ps) 
Depth (m) 
Thickness 
(m) 
CPT 
fs/pa α 
Pile 
fs (kN/m2) fs (kN/m2) As (m2) Ps (kN) 
1.50-1.83 0.33 250 2.5 0.375 93.75 0.80 75.27 
1.83-4.27 2.44 50 0.5 0.725 36.25 5.95 215.59 
4.27-5.18 0.91 100 1.0 0.420 42.00 2.23 93.67 
5.18-5.79 0.61 50 0.5 0.725 36.25 1.49 53.90 
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Table continued      
5.79-7.01 1.22 100 1.0 0.420 42.00 2.97 124.89 
7.01-31.50 24.49 40 0.4 0.825 33.00 59.71 1970.47 
 30.00     Ps (kN) = 2533.79 
 
B.1.2.3.3 Ultimate downward and upward capacity 
Pult-dn =  2868.24 kN Ultimate downward load capacity (Pt'+Ps+Pb-Wf) 
Pult-up =  2812.50 kN Ultimate upward load capacity (Ps+Wf) 
 
B.1.2.4 Skin resistance of 35 m pile 
B.1.2.4.1 Input pile dimension 
B =  0.610 m Width of pile 
L =  35.0 m Length of pile 
A =  0.372 m2 Cross sectional area of pile 
Df = 1.5 m Depth of pile cap 
 =  25.0 kN/m3 Unit weight of reinforced concrete 
Wf = 325.16 kN Weight of pile 
 
B.1.2.4.2 Skin resistance (Ps) 
Depth (m) 
Thickness 
(m) 
CPT 
fs/pa α 
Pile 
fs (kN/m2) fs (kN/m2) As (m2) Ps (kN) 
1.50-1.83 0.33 250 2.5 0.375 93.75 0.80 75.27 
1.83-4.27 2.44 50 0.5 0.725 36.25 5.95 215.59 
4.27-5.18 0.91 100 1.0 0.420 42.00 2.23 93.67 
5.18-5.79 0.61 50 0.5 0.725 36.25 1.49 53.90 
5.79-7.01 1.22 100 1.0 0.420 42.00 2.97 124.89 
7.01-36.50 29.49 40 0.4 0.825 33.00 59.71 2372.80 
 35.00     Ps (kN) = 2936.12 
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B.1.2.4.3 Ultimate downward and upward capacity 
Pult-dn =  3270.57 kN Ultimate downward load capacity (Pt'+Ps+Pb-Wf) 
Pult-up =  3261.28 kN Ultimate upward load capacity (Ps+Wf) 
 
B.1.2.5 Skin resistance of 40 m pile 
B.1.2.5.1 Input pile dimension 
B =  0.610 m Width of pile 
L =  35.0 m Length of pile 
A =  0.372 m2 Cross sectional area of pile 
Df = 1.5 m Depth of pile cap 
 =  25.0 kN/m3 Unit weight of reinforced concrete 
Wf = 371.61 kN Weight of pile 
 
B.1.2.5.2 Skin resistance (Ps) 
Depth (m) 
Thickness 
(m) 
CPT 
fs/pa α 
Pile 
fs 
(kN/m2) 
fs (kN/m2) As (m2) Ps (kN) 
1.50-1.83 0.33 250 2.5 0.375 93.75 0.80 75.27 
1.83-4.27 2.44 50 0.5 0.725 36.25 5.95 215.59 
4.27-5.18 0.91 100 1.0 0.420 42.00 2.23 93.67 
5.18-5.79 0.61 50 0.5 0.725 36.25 1.49 53.90 
5.79-7.01 1.22 100 1.0 0.420 42.00 2.97 124.89 
7.01-41.50 34.49 40 0.4 0.825 33.00 59.71 2775.14 
 40.00     Ps (kN) = 3338.46 
 
B.1.2.5.3 Ultimate downward and upward capacity 
Pult-dn =  3672.91 kN Ultimate downward load capacity (Pt'+Ps+Pb-Wf) 
Pult-up =  3710.07 kN Ultimate upward load capacity (Ps+Wf) 
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B.1.3 Calculation of pile group capacity 
B.1.3.1 Capacity of pile group (sum of individual piles) 
Pile Length (m) Vol. (m3) Pult-dn (kN)  Pult-up (kN)  (Pi)a (kN) x (m) x
2 (m2) (Pi)m (kN) Pi (kN) Type 
1 35 13.01 3270.57 3261.28 1396.80 5.30 28.09 1685.05 3081.85 C 
2 35 13.01 3270.57 3261.28 1396.80 4.98 24.80 1583.43 2980.23 C 
3 30 11.15 2868.24 2812.50 1396.80 4.06 16.48 1290.82 2687.63 C 
4 25 9.29 2465.90 2363.71 1396.80 2.65 7.02 842.52 2239.33 C 
5 25 9.29 2465.90 2363.71 1396.80 0.92 0.85 292.61 1689.41 C 
6 25 9.29 2465.90 2363.71 1396.80 0.92 0.85 292.61 1104.20 C 
7 25 9.29 2465.90 2363.71 1396.80 2.65 7.02 842.52 554.28 C 
8 30 11.15 2868.24 2812.50 1396.80 4.06 16.48 1290.82 105.98 C 
9 35 13.01 3270.57 3261.28 1396.80 4.98 24.80 1583.43 -186.62 T 
10 35 13.01 3270.57 3261.28 1396.80 5.30 28.09 1685.05 -288.24 T 
11 35 13.01 3270.57 3261.28 1396.80 4.98 24.80 1583.43 -186.62 T 
12 30 11.15 2868.24 2812.50 1396.80 4.06 16.48 1290.82 105.98 C 
13 25 9.29 2465.90 2363.71 1396.80 2.65 7.02 842.52 554.28 C 
14 25 9.29 2465.90 2363.71 1396.80 0.92 0.85 292.61 1104.20 C 
15 25 9.29 2465.90 2363.71 1396.80 0.92 0.85 292.61 1689.41 C 
16 25 9.29 2465.90 2363.71 1396.80 2.65 7.02 842.52 2239.33 C 
17 30 11.15 2868.24 2812.50 1396.80 4.06 16.48 1290.82 2687.63 C 
18 35 13.01 3270.57 3261.28 1396.80 4.98 24.80 1583.43 2980.23 C 
19 40 14.86 3672.91 3710.07 1396.80 6.70 44.89 2130.16 3526.96 C 
20 40 14.86 3672.91 3710.07 1396.80 6.43 41.33 2043.87 3440.67 C 
21 35 13.01 3270.57 3261.28 1396.80 5.64 31.77 1792.00 3188.81 C 
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Table continued 
22 35 13.01 3270.57 3261.28 1396.80 4.39 19.25 1394.96 2791.76 C 
23 30 11.15 2868.24 2812.50 1396.80 2.78 7.75 884.90 2281.70 C 
24 25 9.29 2465.90 2363.71 1396.80 0.95 0.91 303.15 1699.96 C 
25 25 9.29 2465.90 2363.71 1396.80 0.95 0.91 303.15 1093.65 C 
26 30 11.15 2868.24 2812.50 1396.80 2.78 7.75 884.90 511.91 C 
27 35 13.01 3270.57 3261.28 1396.80 4.39 19.25 1394.96 1.85 C 
28 35 13.01 3270.57 3261.28 1396.80 5.64 31.77 1792.00 -395.20 T 
29 40 14.86 3672.91 3710.07 1396.80 6.43 41.33 2043.87 -647.07 T 
30 40 14.86 3672.91 3710.07 1396.80 6.70 44.89 2130.16 -733.35 T 
31 40 14.86 3672.91 3710.07 1396.80 6.43 41.33 2043.87 -647.07 T 
32 35 13.01 3270.57 3261.28 1396.80 5.64 31.77 1792.00 -395.20 T 
33 35 13.01 3270.57 3261.28 1396.80 4.39 19.25 1394.96 1.85 C 
34 30 11.15 2868.24 2812.50 1396.80 2.78 7.75 884.90 511.91 C 
35 25 9.29 2465.90 2363.71 1396.80 0.95 0.91 303.15 1093.65 C 
36 25 9.29 2465.90 2363.71 1396.80 0.95 0.91 303.15 1699.96 C 
37 30 11.15 2868.24 2812.50 1396.80 2.78 7.75 884.90 2281.70 C 
38 35 13.01 3270.57 3261.28 1396.80 4.39 19.25 1394.96 2791.76 C 
39 35 13.01 3270.57 3261.28 1396.80 5.64 31.77 1792.00 3188.81 C 
40 40 14.86 3672.91 3710.07 1396.80 6.43 41.33 2043.87 3440.67 C 
Sum 471.95 120362.24 118782.89       
Vpc = 173.43 m
3 Volume of pile cap      
Total vol. = 645.38 m3        
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B.1.3.2 Capacity of pile group block 
Radius of pile group block = 7.0 m 
B.1.3.2.1 Skin resistance 
Depth (m) Thickness (m) fs (kN/m2) As (m2) Ps (kN) 
1.50 1.83 0.33 93.75 14.49 1358.62 
1.83 4.27 2.44 36.25 107.35 3891.35 
4.27 5.18 0.91 42.00 40.26 1690.72 
5.18 5.79 0.61 36.25 26.84 972.84 
5.79 7.01 1.22 42.00 53.67 2254.30 
7.01 41.50 34.49 33.00 1517.89 50090.47 
  40.00  (P)gs = 60258.29 
 
B.1.3.2.2 Tip resistance and check 
(P)gt = 138734.30 kN Tip resistance of pile group block 
(Pud)b = 198992.59 kN Downward capacity of pile group block 
(Pud)g = 120362.24 kN Ultimate vertical load capacity of pile group 
F = 2.15 > 2.0 Okay Factor of safety for axial load 
 
B.1.4 Lateral pile capacity  
Soil type Cohesive  -  
cu = 100 kPa Undrained shear strength 
n1 = 0.4  -  
n2 = 1.15  -  
qu = 200 kPa Unconfined compressive strength 
B = 0.61 M Width of the pile 
kh =  12073.49 kN/m3 Horizontal coefficient of subgrade reaction 
kh_adj = 3018.37 kN/m3 Adjusted horizontal coefficient of subgrade reaction 
E = 3.0E+07 kPa Modulus of elasticity 
L = 31.75 m Average embedment length 
I = 0.01151 m4 Moment of inertia 
S = 0.03776 m3 Section modulus 
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Table continued  
fc' = 40000 kPa Compressive strength of pile 
My = 1510.23 kNm Resisting moment of pile 
β =  0.27  -  
βL =  8.58 >2.5 Hence long pile 
My/cuB
3 = 66.67  -  
Pu/cuB
2 = 34  - From Figure 5.1 
Pu = 1263.48 kN Ultimate load capacity for single pile 
Pm = 505.39 kN Maximum allowable load with factor of safety of 2.5 
ykhDL/Pa = 5  - From Figure 5.2 
ym = 10.81 mm Lateral deflection of single pile 
(Pm)t = 20215.70 kN Maximum allowable load for all piles 
Flat = 5.46 > 2.0  Okay Factor safety of pile group against lateral load 
 
B.2 Design of pile group for total and differential settlement  
B.2.1 Initial stiffness 
Kpci = 0.0 MN/mm Initial elastic stiffness of pile cap 
Kpi = 1.29 MN/mm Initial elastic stiffness of pile group 
Kpgi = 1.29 MN/mm Initial elastic stiffness of pile group 
 
B.2.2 Load share by piles 
a = 0  -  
βp = 1/(1+a) = 1.00  - Portion of load shared by piles 
Pp = βp*P = 51.71 MN Load carried by piles 
Pr = P-Pp = 0.00 MN Load carried by pile cap 
P = 51.71 MN Total vertical applied load 
Ppu = 120.36 MN Ultimate downward capacity of piles 
PA = Ppu/ βp 120.36 MN Applied load at which pile capacity is mobilized 
 
B.2.3 Secant stiffness 
 1p pi fp p puK K R P P   
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where Rfb = 0.75 (Hyperbolic factor considered for pile group) 
B.2.4 Axial load vs. settlement 
P 
(MN) 
Kp 
(MN/mm) 
Kpg 
(MN/mm) 
P > 
PA 
S 
(mm) 
P 
(MN) 
Kp 
(MN/mm) 
Kpg 
(MN/mm) 
P > 
PA 
S 
(mm) 
0 1.29 1.29 NO 0.00 70 0.73 0.73 NO 96.04 
5 1.25 1.25 NO 3.99 75 0.69 0.69 NO 108.92 
10 1.21 1.21 NO 8.25 80 0.65 0.65 NO 123.40 
15 1.17 1.17 NO 12.80 85 0.61 0.61 NO 139.79 
20 1.13 1.13 NO 17.67 90 0.57 0.57 NO 158.52 
25 1.09 1.09 NO 22.91 95 0.53 0.53 NO 180.10 
30 1.05 1.05 NO 28.54 100 0.49 0.49 NO 205.25 
35 1.01 1.01 NO 34.63 105 0.45 0.45 NO 234.93 
40 0.97 0.97 NO 41.21 110 0.41 0.41 NO 270.50 
45 0.93 0.93 NO 48.37 115 0.37 0.37 NO 313.88 
50 0.89 0.89 NO 56.18 120 0.33 0.33 NO 367.98 
55 0.85 0.85 NO 64.73 125 0.29 0.29 YES 437.33 
60 0.81 0.81 NO 74.13 130 0.25 0.29 YES 454.82 
65 0.77 0.77 NO 84.51 135 0.21 0.29 YES 472.31 
 
B.2.5 Differential settlement 
Savg = 59.02 mm Average group settlement 
n = 40  - Number of piles 
s = 1.88 M Pile center-to-center spacing 
L = 31.75 M Average length of pile 
R = 1.54  -  
f = 0.3  - For center-to-midside 
S =  13.63 mm Differential settlement 
θ = 9.17 x 10-4 Radians Rotation of the tower 
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C.1 Design of piled-raft for axial, bending moment and lateral capacity 
C.1.1 Design loads 
P1 = 47001.02 kN Weight of tower 
P2 = 4708.80 kN Weight of nacelle and rotor 
P = 51709.82 kN Total deal load (P1+P2) 
Q = 51709.82 kN Total axial load 
M = 237369.34 kNm Moment  
H = 3705.79 kN Due to wind 
 
C.1.2 Raft dimensions and bearing capacity 
R =  7.50 m Radius of raft    
D =  15.00 m Diameter of raft    
Nr = 15.00  - Average SPT within one-half of raft width 
K1 =  80.00  - Factor for silty sand   
(qu)r = 1200.00 kN/m2 Ultimate bearing capacity of raft (K1*Nr)  
(Pu)r = 212057.50 kN Total raft capacity    
 
C.1.3 Single pile capacity 
C.1.3.1 Input dimensions of pile 
B =  0.46 m Width of pile 
L =  10.00 m Length of pile 
A =  0.21 m2 Cross sectional area of pile 
Df = 1.50 m Depth of raft 
γ =  25.00 kN/m3 Unit weight of reinforced concrete 
Wf = 52.26 kN Weight of pile 
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C.1.3.2 Skin resistance 
Depth (m) 
Thickness 
(m) 
CPT 
fs/pa α 
Pile 
fs (kN/m2) fs (kN/m2) As (m2) Ps (kN) 
1.5-1.83 0.33 250.00 2.50 0.38 93.75 0.60 56.45 
1.83-4.27 2.44 50.00 0.50 0.73 36.25 4.46 161.69 
4.27-5.18 0.91 100.00 1.00 0.42 42.00 1.67 70.25 
5.18-5.79 0.61 50.00 0.50 0.73 36.25 1.12 40.42 
5.79-7.01 1.22 100.00 1.00 0.42 42.00 2.23 93.67 
7.01-11.50 4.49 40.00 0.40 0.83 33.00 8.21 270.84 
  10.00         Ps = 693.33 
 
C.1.3.3 Toe resistance 
qt' =  900.00 kN/m2 Tip resistance (9*cu) 
At =  0.21 m2 Cross-section area of pile tip 
Pt' = Atqt' =  188.13 kN Toe bearing capacity 
 
C.1.3.4 Ultimate single pile capacity 
Pult-dn =  881.46 kN Ultimate downward load capacity (Pt+Ps+Pb-Wf)  
Pult-up =  745.59 kN Ultimate upward load capacity (Ps+Wf)  
n =  32   Number of piles (Equally divided at the radius of 5.3 m and 6.7 m) 
 
C.1.4 Ultimate capacity of piles and raft 
(Pu)r = 212057.50 kN Total raft capacity   
(Pu)p = 28206.76 kN Total downward pile capacity (n*Pult-dn) 
(Pu)rp = 240264.27 kN Capacity of raft plus piles ((Pu)r + (Pu)p) 
 
C.1.5 Ultimate capacity of block (Piles and raft as block) 
C.1.5.1 Pile skin resistance for block 
Radius of pile group block = 6.93 m 
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Depth (m) Thickness (m) fs (kN/m2) As (m2) Ps (kN) 
1.5-1.83 0.33 93.75 14.33 1343.84 
1.83-4.27 2.44 36.25 106.18 3849.01 
4.27-5.18 0.91 42.00 39.82 1672.33 
5.18-5.79 0.61 36.25 26.54 962.25 
5.79-7.01 1.22 42.00 53.09 2229.77 
7.01-11.50 4.49 33.00 195.37 6447.23 
  10.00   (P)gs = 16504.44 
 
C.1.5.2 Pile tip resistance for block 
(P)gt =  135732.35 kN Tip resistance of pile group block 
(Pu)g = 152236.79 kN Capacity of pile group block 
(Pu)rg =  31081.04 kN Capacity of raft around the perimeter of pile group 
(Pu)B =  183317.83 kN Total capacity of block (pile group block plus area around raft) 
Pu =   183317.83 kN Ultimate vertical load capacity 
F =  3.55 > 2.0 Okay Factor of safety for axial load 
 
C.1.6 Moment loading 
Mm = 457715.64 kNm Maximum possible moment that soil can support 
Mup-o = 50227.72 kNm 
Ultimate moment capacity contributed by outer piles (depends 
upon the number of piles) 
Mup-i = 39732.37 kNm 
Ultimate moment capacity contributed by inner piles (depends 
upon the number of piles) 
Mur = 408638.39 kNm Ultimate moment capacity of raft 
Mrp = 498598.48 kNm Total moment capacity of pile and raft (Mup-o + Mup-i + Mur) 
MuB =  346608.32 kNm Ultimate moment capacity of block ( 2uB B BB upM B D ) 
 
where 
αB = 0.25   Factor depending on distribution of ultimate lateral pressure with depth 
pB = 900 kN/m2 Average ultimate lateral resistance of soil along block 
BB = 12.28 m Equivalent width of the block perpendicular to direction of loading 
DB = 10 m Depth of the block 
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Check: 
Mu = 346608.32 kNm Ultimate moment capacity of piled-raft (min. of Mrp and MuB) 
F = 1.46 < 2.0 Accepted Factor of safety for moment  
 
C.1.7 Lateral loading 
cu = 100 kPa Undrained shear strength 
n1 = 0.4  -  
n2 = 1.15  -  
qu = 200 kPa Unconfined compressive strength 
B = 0.46 M Width of the pile 
kh =  4024.5 kN/m3 Horizontal coefficient of subgrade reaction 
Kh = 4024.5 kN/m3 Adjusted horizontal coefficient of subgrade reaction 
E = 3 x 107 kPa Modulus of elasticity 
L = 10 M Average embedment length 
I = 0.003641 m4 Moment of inertia 
S = 0.015928 m3 Section modulus 
fc' = 40000 kPa Compressive strength of pile 
My = 637.13 kNm Resisting moment of pile 
β =  0.36  -  
βL =  3.60 > 2.5 Hence long pile 
My/cuB
3 = 66.67  -  
Pu/cuB
2 = 34.00  - From Figure 5.1 
Pu = 710.71 kN Ultimate load capacity for single pile 
Pm = 284.28 kN Maximum allowable load with factor of safety of 2.5 
ykhDL/Pa = 3.50  - From Figure 5.2 
ym = 13.52 mm Lateral deflection of single pile 
(Pm)t = 22742.66 kN Maximum allowable load for all piles (n*Pu) 
F = 6.14 > 2.0 OKAY Factor safety of pile group against lateral load 
 
C.2 Design of piled-raft for total settlement and differential settlement 
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C.2.1 Initial stiffness and load sharing 
E = 32370 kN/m2  
ν = 0.5  - Poisson's ratio 
B = 13.29 M Equivalent width of circular raft 
Kri = 645.46 kN/mm Initial stiffness of raft 
Sa = 40 mm Assumed allowable total settlement 
Kcd = 1292.75 kN/mm Required stiffness of the system 
Kpi = 1254.25 kN/mm Initial stiffness of piles 
αrp = 0.8   Interaction factor 
Kpri = 1292.75 kN/mm Initial stiffness of piled-raft 
a = 0.17  -  
βp = 1/(1+a) = 0.85  - Portion of load shared by pile group 
P = 51.71 MN Total vertical applied load 
Pp = βp*P = 44.01 MN Load carried by piles 
Pr = P-Pp = 7.70 MN Load carried by raft 
Pr/Pt = X 14.26 % Percentage of load shared by raft 
Pp/Pt  = 1-X = 85.74 % Percentage of load shared by piles 
 
C.2.2 Secant stiffness 
 1p pi fp p puK K R P P   
 1r ri fr r ruK K R P P   
Rfp = 0.2   Hyperbolic factor for pile group 
Rfr = 0.9   Hyperbolic factor for raft 
Ppu = 56.41 MN Ultimate capacity of piles 
Pru = 212.06 MN Ultimate capacity of raft 
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C.2.3 Axial load-settlement curve 
P 
(MN) 
X a βp  Pp (MN) Pr (MN) 
Kr 
(MN/mm) 
Kp 
(MN/mm) 
Kpr 
(MN/mm) 
PA (MN) P > PA S (mm) 
0 1.031 0.175 0.851 0.00 0.00 0.645 1.254 1.293 66.28 NO 0.00 
5 1.031 0.175 0.851 4.26 0.74 0.643 1.235 1.273 66.28 NO 3.93 
10 1.031 0.179 0.848 8.48 1.52 0.641 1.217 1.255 66.49 NO 7.97 
15 1.032 0.182 0.846 12.69 2.31 0.639 1.198 1.236 66.70 NO 12.14 
20 1.032 0.186 0.843 16.86 3.14 0.637 1.179 1.217 66.92 NO 16.43 
25 1.033 0.190 0.840 21.01 3.99 0.635 1.161 1.199 67.14 NO 20.85 
30 1.034 0.194 0.837 25.12 4.88 0.632 1.143 1.181 67.37 NO 25.40 
35 1.034 0.198 0.834 29.20 5.80 0.630 1.124 1.162 67.61 NO 30.12 
40 1.035 0.203 0.831 33.25 6.75 0.627 1.106 1.144 67.86 NO 34.98 
45 1.036 0.207 0.828 37.27 7.73 0.624 1.089 1.125 68.11 NO 40.00 
50 1.036 0.212 0.825 41.26 8.74 0.622 1.071 1.107 68.37 NO 45.17 
55 1.037 0.220 0.820 45.08 9.92 0.618 1.054 1.089 68.83 NO 50.49 
60 1.038 0.225 0.816 48.98 11.02 0.615 1.036 1.071 69.11 NO 56.01 
65 1.039 0.230 0.813 52.84 12.16 0.612 1.019 1.054 69.40 NO 61.70 
70       56.41 13.59 0.608 1.003 1.037 69.63 YES 67.74 
75       56.41 18.59 0.595 1.003 1.037 69.63 YES 76.17 
80       56.41 23.59 0.581 1.003 1.037 69.63 YES 84.99 
85       56.41 28.59 0.567 1.003 1.037 69.63 YES 94.24 
90       56.41 33.59 0.553 1.003 1.037 69.63 YES 103.94 
95       56.41 38.59 0.540 1.003 1.037 69.63 YES 114.14 
100       56.41 43.59 0.526 1.003 1.037 69.63 YES 124.87 
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C.2.4 Differential settlement 
Savg = 46.96 mm Average group settlement 
n = 32  - Number of piles 
s = 2.63 m Pile center-to-center spacing 
L = 10 m Length of pile 
R = 2.90  -  
f = 0.3  - For center-to-midside 
S =  20.44 mm For center-to-midside 
θ = 1.36 x 10-3 radians Rotation of the tower 
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ABSTRACT 
 
The applicability of shredded tire as an economical alternative for conventional 
granular soil backfill for retaining wall was investigated by conducting geotechnical and 
structural designs and finite element simulations. A literature survey was conducted to 
compile and document the engineering properties of shredded tire. It was found that the 
key geotechnical engineering properties vary significantly with shred size and shredding 
method. Then, a gravity-cantilever retaining wall was designed for both static and dynamic 
loading conditions considering seismic design parameters corresponding to the Charleston, 
SC area. Geotechnical design revealed a longer toe compared to heel for shredded tire 
backfill to maintain stability; however, a shorter footing was needed to maintain overall 
stability compared to that of granular backfill. Conventional designs and finite element 
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simulations showed significant reductions in computed horizontal deflection at the tip of 
the wall, structural demand in terms of maximum shear force and bending moment, and 
construction cost in terms of excavation and material for both static and dynamic conditions 
when shredded tire was used as the backfill. Upper and lower bound curves of maximum 
shear force and maximum bending moment in the stem were also produced based on the 
results of parametric studies conducted by varying the friction angle and cohesion of 
shredded tire and amplitude and mean period of input motion. 
Keywords: shredded tire, granular material, retaining wall, backfill, deflection, shear 
force, bending moment, finite element analysis, parametric study 
Introduction 
About 266 millions of waste tires are generated annually in the United States 
(RMA, 2013) and the number keeps growing annually. Most of the waste tires are 
stockpiled, disposed in landfills or dumped unlawfully which creates a serious fire, health, 
and environmental hazard and also provide breeding ground for mosquitoes and rodents. 
Disposing waste tires by burning can cause serious environmental and safety problems as 
they add harmful gases to the air and are very difficult to extinguish and clean. Disposing 
waste tires by dumping in landfills is expensive to construct and maintain and also occupy 
useful space. Report shows that waste tires put in landfills damage landfill covers due to 
uneven settlement and tendency to rise to the surface (USEPA, 2008). 
Using chipped tires in Civil Engineering projects is one of the promising ways of 
recycling this troublesome waste material (Yang et al., 2002). In 2011, 7.8% of scrap tires 
were utilized in various Civil Engineering projects (RMA, 2013). These Civil Engineering 
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applications include fill for highway embankments, backfill material for retaining walls, 
drainage medium for septic fields, and vibration absorbent for rail lines (Blumenthal, 
2007). It is also used for surfacing playgrounds, making automotive parts, mixing with 
asphalt pavements, and agriculture and horticulture application/soil amendments (USEPA, 
2008). 
Cecich et al. (1996) reported, based on conventional design outcomes considering 
static loading condition, about 40 % reduction in volume of backfill and about 67% 
reduction in total cost for a 30-ft high retaining wall when backfilled with shredded tire 
instead of conventional granular soil.  Encouraged by such results, this paper presents the 
outcomes of geotechnical and structural designs of a gravity-cantilever retaining wall 
backfilled with shredded tire considering both static and dynamic loading conditions, and 
dynamic analysis of retaining wall-in situ soil-backfill system using finite element method 
in a coupled manner. The economic benefits of using shredded tire over the conventional 
granular soil backfill in terms of volume of excavation, volume of backfill material, volume 
of concrete and reinforcement needed to meet the structural demand are presented. Finally, 
upper and lower bounds of maximum shear stress and maximum bending moment in the 
stem computed using finite element analysis by varying the strength parameters of 
shredded tire, friction angle of granular backfill, stiffness of concrete in wall, and the input 
ground motions parameters are presented. 
Properties of shredded tire 
The engineering properties of the shredded tires required for this investigation were 
established on the basis of literature survey. The key parameters of backfill material 
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required for the design and finite element modeling are unit weight, shear strength 
parameters, elastic material parameters and hydraulic conductivity. The collected data are 
summarized in Table 1. Examination of the data in Table 1 reveals that the properties of 
shredded tire vary with shred size, gradation, composition of tire, method of shredding, and 
the type of geotechnical test performed.  
The maximum and the minimum values of the unit weight obtained from the 
literature are 7.31 kN/m3 and 5.13 kN/m3, respectively and the maximum value is less than 
half of the unit weight of conventional granular soil backfill. Similarly, significant 
variations are observed in shear strength parameters (cohesion varies from 0 to 81 kPa and 
friction angle from 6° to 32°). The modulus of elasticity ranges from 770 kPa to 3394 kPa 
and the Poisson’s ratio ranges from 0.2 to 0.33. The drainage parameter, hydraulic 
conductivity varies between 0.0335 cm/s and 8.25 cm/s. These numbers indicate that the 
shredded tires have good drainage property, which is desirable for using it as a retaining 
wall backfill. The mean and standard deviation of the key parameters computed based on 
the data in Table 1 are also shown in the same table for different shredded tire size ranges. 
The standard deviations of the modulus of elasticity, cohesion, and friction angle are high, 
which indicates that these parameters vary significantly with the size of tire shred and test 
methodology. 
In this study, benefits of using shredded tire as a retaining wall backfill over 
granular soil was investigated through traditional designs and finite element simulations 
considering both static and dynamic loading conditions. The results are presented in the 
subsequent sections. 
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Source Size (mm) 
Unit 
Weight 
(kN/m3) 
Frictio
n Ang. 
(°) 
Cohesi
on 
(kPa) 
E (kPa) 
Hyd. 
Cond. 
(cm/s) 
Poiss
on's 
Ratio 
Cecich et al. (1996) 12.5 5.68 27 7.038 - 0.0335  
Cecich et al. (1996) - 6.97 22 5.746 - - - 
Youwai and Bergado (2003) 16 7.05 30 - - - 0.33 
Lee et al. (1999) (TT upto 25% 
at 1% per min) 
50 6.3 21 17.5 3394.4 - - 
Moo-Young et al. (2003) (DST) 50 6.25 15 0.3943 - 0.2 - 
Moo-Young et al. (2003) (DST) 50-100 7.25 32 0.3735 - 0.55 - 
Moo-Young et al. (2003) (DST) 100-200 6.5 27 0.3735 - 0.75 - 
Shalaby and Khan (2005) (TT at 
10mm per min) 
75 6.38 22 9.5 1100 0.1 0.3 
Warith et al. (2004) (TT 75 7.31 - - - 7.035 - 
Humphrey et al. (1993) 38 6.064 25 8.6 770 1.5 0.32 
Humphrey et al. (1993) 51 6.299 21 7.7 1130 2.1 0.28 
Humphrey et al. (1993) 76 6.074 19 11.5 1120 4.8 0.2 
Yang et al. (2002) DST 10 5.73 32 0 1129 - 0.28 
Yang et al. (2002) - 10%* 10 5.73 11 21.6 1129 - 0.28 
Yang et al. (2002) TT - 20%*** 10 5.73 18.8 37.7 1129 - 0.28 
Gharegrat (1993) 50 6.3 21 7.6 - - - 
Ahmed & Lovell (1993) - 10%* 13 6.19 11.6 22.7 - - - 
Ahmed & Lovell(1993) - 
20%*** 
13 6.19 20.5 35.8 - - - 
Ahmed & Lovell(1993) - 10%* 25 6.32 12.6 25.4 - - - 
Ahmed & Lovell(1993) - 
20%*** 
25 6.32 22.7 37.3 - - - 
Ahmed & Lovell(1993) - 10%* 25 6.42 14.6 22.1 - - - 
Ahmed & Lovell(1993) - 
20%*** 
25 6.42 25.3 33.2 - - - 
Ahmed & Lovell(1993) - 10%* 25 6.75 14.3 24.6 - - - 
Ahmed & Lovell(1993) - 
20%*** 
25 6.75 24.7 39.2 - - - 
Foose et al. (1996) DST 
50-100-
150 
5.65 30 3 - - - 
Masad et al. 1996 - 10%* 4.6 6.18 6 70 - - - 
Masad et al. 1996 - 15%** 4.6 6.18 11 71 - - - 
Masad et al. 1996 - 20%*** 4.6 6.18 15 81 - - - 
Tatlisoz et al. (1998) - 5.9 30 0 - - - 
Hataf and Rahimi (2006) - 5.8 23 0 - - - 
FHWA (2008) (average) 12-76-305 5.13 22 9.55 1010 8.25 - 
Mean  6.258 20.903 21.051 1362.68 2.532 0.284 
Table 1: Engineering properties of shredded tire (100% pure tire) 
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Table 1 (Continued) 
Standard deviation  0.486 6.862 22.367 830.23 3.056 0.039 
Mean for 50-150mm  6.313 23.000 6.749 1550.88 2.973 0.260 
Standard deviation for 50-
150mm7 
 0.651 5.426 6.022 1031.65 3.278 0.053 
Geotechnical and structural design of retaining wall 
Problem definition 
The problem analyzed in this study consists of a cantilever retaining wall with the 
design height of 6.5 m and horizontal backfill as shown in Figure 1 (a). Although the size 
of the shredded tire presented in Table E.1 ranges between 10 mm and 305 mm, only the 
size between 50 mm and 150 mm was considered suitable for retaining wall backfill in this 
study. For this size range, the mean values of unit weight, friction angle, and cohesion are 
6.313 kN/m3, 23°, and 6.749 kN/m2, respectively. The in-situ soil was assumed to have a 
unit weight of 18.07 kN/m3, friction angle of 28°, and cohesion of 20 kN/m2 and the 
conventional cohesionless granular backfill material was assumed to have a unit weight of 
18.85 kN/m3 and friction angle of 34° which is the maximum allowed value by DOTs such 
as CalTrans. A parametric study is presented later in this paper by varying the friction angle 
of conventional backfill to compute the possible effect of it in the computed responses. The 
details of geotechnical and structural designs are presented below. 
Geotechnical design of retaining wall  
Static condition 
The geotechnical design of the wall for static condition was performed following 
the Allowable Stress Design (ASD) procedure for static loading condition. Coulomb earth 
pressure theory was used to determine the active and passive earth pressures acting on the 
142 
 
wall. Starting with the recommended initial dimensions (Das, 2007), a number of trials 
designs were conducted until the computed factor of safety against overturning, sliding, 
and bearing capacity were satisfactory. The final static design consisted of toe and heel 
lengths of 0.93 m and 1.73 m, respectively for granular soil backfill and 1.53 m and 0.91 
m, respectively for shredded tire backfill (see Figures 1 (b) and (c). The corresponding 
factors of safety against overturning, sliding, and bearing capacity were 2.32, 2.15, and 
3.12, respectively for granular soil backfill and 2.03, 2.86, and 5.71, respectively for 
shredded tire backfill.  
 
 
Dynamic condition 
After performing the static design, the length of footing (toe plus heel) was adjusted 
for dynamic loading condition according to Section 7.7 of the National Cooperative 
Highway Research Program (NCHRP) Report 611 (Anderson et al., 2008). The additional 
dynamic design parameters, peak ground acceleration (PGA), short period spectral 
0.93 1.73
6.5
0.911.53
6.5
(b) (c)
5.3
6.5
(a)
Figure 1: Schematic of the retaining wall, (b) Toe and heel dimensions for conventional 
granular soil backfill (static case), and (c) Toe and heel dimension for shredded tire 
backfill (static case) (dimensions are in meters) 
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acceleration (Ss), and spectral acceleration at 1 sec (S1), were obtained by inputting latitude 
and longitude corresponding to Charleston, SC in the USGS Goehazards 2002 Interactive 
Deaggregations application. The computed PGA (0.8483g) was then adjusted to account 
for the height of the wall following the procedure outlined in Section 7.5 of NCHRP. This 
exercise resulted in PGA of 0.7653g. The horizontal earthquake acceleration component 
(kh) was considered to be half of 0.7653 g, which is a common practice and the vertical 
earthquake acceleration component (kv) was considered to be zero. The earth pressure 
acting on the wall for dynamic design was calculated using the Mononobe-Okabe method. 
The overall stability of the wall against overturning, sliding, and bearing were checked 
similar to the static design. The acceptable final seismic design resulted in toe and heel 
lengths of 2.33 m and 5.27 m, respectively for granular soil backfill and 4.61 m and 1.93 
m, respectively for shredded tire backfill. The corresponding factors of safety obtained for 
overturning, sliding, and bearing capacity were 2.33, 1.72, and 3.57, respectively for 
conventional granular soil backfill and 1.98, 1.47, and 5.87, respectively for shredded tire 
backfill. Although the computed factors of safety are higher than the commonly used value 
of 1.1 in practice, authors decided to accept these values and continue the investigation to 
ensure that the global stability of the retaining wall is met for various causes considered in 
the parametric studies presented in later section. The differences in the wall dimensions 
obtained from dynamic designs are schematically shown in in Figure 2 (a) and (b), 
respectively. 
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From Figures 1 and 2, it can be seen that the length of the heel is longer than that 
of the toe for granular soil backfill, which is a common result. On the other hand, the length 
of the toe is longer than that of the heel for shredded tire backfill which is uncommon in 
practice. Among the many methods used in practice, the length of the toe was extended to 
increase the factor of safety against overturning about the toe because the contribution of 
self-weight of the backfill material to the resisting moment is smaller due to its light weight. 
The length of the lever arm was increased to increase the magnitude of the resisting 
moment. There are advantages and disadvantages of building a retaining wall with longer 
toe. The major advantage is that the volume of excavation behind the wall is less for smaller 
heel length. A longer toe may present challenges in structural design depending on the use 
of the space in front of the wall. For example, if the space is used for building highways, 
then the structural design of the longer toe may require additional reinforcement to meet 
the demand from heavy vehicles passing on it.    
2.33 5.27
6.5
1.934.61
6.5
(a) (b)
Figure 2: Toe and heel dimensions (dynamic case) (a) Conventional granular soil backfill 
and (b) Shredded tire backfill (dimensions are in meters) 
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The comparison of volume of excavation behind the wall and the volume of 
concrete for constructing stem, toe and heel for static and dynamic loading conditions are 
summarized in Table 2. It should be noted that the volume of backfill was assumed to be 
equal to the volume of excavation. The volume of excavation was calculated as the area 
behind the wall enclosed by ground surface, stem, heel and a line inclined at 1:1 slope from 
the right-bottom of the heel (see Figure 5 for more detail). Although the difference in 
concrete volume was due to the difference in the length of the footing (heel plus toe), the 
values presented in Table 2 included the volume of concrete needed for the stem that is the 
same for both granular soil and shredded tire backfills.  
Description 
Static Case Seismic Case 
Granular 
soil 
Shredded 
Tire 
Percentage 
reduction 
Granular 
soil 
Shredded 
Tire 
Percentage 
reduction 
Excavation 
(m3)  
30.23 24.90 17.63 53.24 31.53 40.78 
Concrete 
volume (m3) 
4.50 4.36 3.11 7.71 7.02 8.95 
Reinforcement 
volume per 
meter (cm3) 
20741.9 18209.2 12.21 101795.6 39759.1 60.94 
 
From Table 2, it can be seen that when the retaining wall is backfilled with shredded 
tire, volume of excavation can be reduced up to17.63 % for static condition and up to 40.78 
% for dynamic condition. Similarly, reduction in volume of concrete can be up to 3.11 % 
for static condition and up to 8.95 % for dynamic condition. The cost saving can be 
significant when constructing long retaining walls (the values presented in Table 2 are for 
a unit length). Moreover, the shredded tire is less expensive (material plus transportation) 
Table 2: Comparison of excavation and materials required for granular soil and shredded 
tire backfill 
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which may result in even lower cost of construction. Based on the above results, retaining 
wall backfilled with shredded tire is, in general, economically beneficial for both static and 
dynamic loading conditions. 
Structural design of retaining wall 
The structural design (computation of amount of reinforcement to withstand flexure 
and shear) of stem, heel and toe of the retaining wall was performed according to American 
Concrete Institute (ACI) 318-11 code for both static and dynamic conditions. The 
maximum shear force and maximum bending moment on the stem, toe, and heel were 
calculated using the forces due to the retained material behind the stem and appropriate 
self-weights of backfill and reinforced concrete components. It was assumed that the 
maximums occurred at the intersection of footing (toe and heel together) and stem for all 
three structural components. Then, the factored shear forces and the moments were 
computed using the load factors suggested in ACI code 9.2.1 (1.2 for dead loads and 1.0 
for earthquake load).  The factored loads were then used to compute the required 
reinforcement ratio for each of the component to meet the structural demand. The area of 
the reinforcement required to meet the demand in the stem, heel, and toe from static loading 
condition are 81.01 cm2, 28.04 cm2, and 11.83 cm2, respectively for granular soil backfill 
and 75.61 cm2, 9.88 cm2, and 22.65 cm2, respectively for shredded tire backfill. Similarly, 
the required area of reinforcement in the stem, heel and toe for dynamic loading condition 
are 127.9 cm2, 136.2 cm2, and 51.73 cm2, respectively for granular backfill and 89.05 cm2, 
29.19 cm2, and 88.23 cm2, respectively for shredded tire backfill. Although, the 
reinforcement ratio required meeting the structural demand for granular soil and shredded 
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tire backfill can be compared to determine the economic benefits of using shredded tire as 
backfill, it may not provide the actual value. It is because the actual value may be different 
when the minimum reinforcement requirement specified in the code and the construction 
requirements such as type and size of rebar, spacing of rebar, and the length of rebar for 
ease of construction are met. The reinforcement detailing was further continued by 
comparing the computed value with the minimum requirement specified in the code and 
adjusting the length of the bars to provide development lengths and ease of construction. 
The development lengths for each component were calculated according to the ACI 
Equation 12-1 to establish anchorage between the components. It should be noted that there 
was no shear reinforcement provided in the design; instead, the shear demand was met by 
adjusting the thickness of the structural components as done in practice. The reinforcement 
details for dynamic loading condition for granular soil backfill and shredded tire backfill 
are presented in Figure 3. 
The final volume of reinforcement required for structural safety for static and 
dynamic loading conditions with granular soil and shredded tires backfills are tabulated 
and compared in Table 3. Including the length of reinforcement, the reduction in the 
volume of reinforcement was determined to be 12.21 % for static case and 60.94 % for 
dynamic loading condition, when  shredded tires was used instead of granular soil. The 
structural design was also performed using the maximum shear force and bending moment 
obtained from the finite element simulations with unscaled (without dividing by 2 as done 
in the above designs) input motion presented later in this study. The reduction in the volume 
of reinforcement was determined to be 23.86 % for dynamic case. It was observed that the 
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reduction in reinforcement for static case is not as significant as the dynamic case. The less 
significant reduction in the reinforcement may be due to smaller force acting on the wall, 
which required only the minimum recommended reinforcement for both backfills. For the 
ease of construction, it is a general practice to provide the reinforcement along the whole 
length of base slab (footing), rather than just extending it up to the development length. 
The percentage saving in such case was determined to be 12.64 % and 60.77 % for static 
and dynamic cases, respectively. 
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 F 11.6 10.0 642.2 631.8 7455.7 6286.1 60.4 19.9 696.8 631.8 42058.5 
12559.
5 
L 71.0 71.0 90.0 90.0 6385.5 6385.5 71.0 71.0 90.0 90.0 6385.5 6385.5 
H
ee
l F 10.0 10.0 186.8 104.8 1858.3 1042.4 57.3 10.0 649.5 206.8 37233.3 2057.3 
L 34.1 11.6 90.0 90.0 3067.2 1044.9 81.9 27.1 90.0 90.0 7371.0 2438.1 
T
o
e F 10.0 10.0 90.5 166.8 900.5 1659.3 19.4 19.4 299.7 513.3 5798.9 9933.2 
L 11.9 19.9 90.0 90.0 1074.6 1791.0 32.8 71.0 90.0 90.0 2948.4 6385.5 
Total 
153.
9 
132.
3 
- - 
20741.
9 
18209.
2 
322.7 218.2   
101795.
6 
39759.
1 
 Percentage reduction 12.21 Percentage reduction 60.94 
 
Table 3: Comparison of amount of reinforcement for granular soil and shredded tire 
backfill 
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Static and dynamic analysis of retaining wall-in situ soil-backfill system using finite 
element method 
Simulation tool 
PLAXIS 2D (2012) was used for the finite element analysis of the retaining wall 
together with backfill and in-situ soil in a coupled manner.  PLAXIS is considered suitable 
for this study with desirable features such as nonlinear stress-strain model appropriate for 
dynamic analysis of soils for simulating geotechnical systems with structural components 
subjected to both static and dynamic loads. Summary of the stress-strain model used in this 
study and the model parameter calibration is presented below.  
Stress-strain model and model parameters (Hardening soil model and model parameters) 
Accurate prediction of behavior of soil and structural systems using finite element 
modeling highly depends on the mathematical representation of the stress-strain behavior 
of each of the materials, especially when subjected to dynamic loads. In this study, the 
0.65 m
5.85 m
0.65 m
4.73 m
0.55 m
1.92 m
# 11 @ 17 cm
11 - # 9 @ 57.71 cm
# 10 @ 15 cm
10 - # 10 @ 53.78 cm
# 7 @ 20 cm
4 - # 10 @ 63.33 cm
5.85 m
0.65 m
0.55 m
0.3 m 0.3 m
11 - # 9 @ 57.71 cm
(a)
0.65 m
4.28 m 1.60 m
(b)
# 6 @ 15 cm
# 5@ 20 cm
7 - # 7 @ 25.46 cm
# 7 @ 20 cm
11 - # 9 @ 38.2cm
Figure 3: Reinforcement arrangement for dynamic condition (a) Conventional granular 
soil backfill and (b) Shredded tire backfill 
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Hardening Soil (HS) model available in PLAXIS was used to represent the stress-strain 
behavior of in situ soil and both backfill materials. It should be noted that the HS model is 
an elastoplastic hyperbolic model which takes into account the modulus reduction with 
strain. Although the HS model does not take into account the hysteretic damping, a small-
strain damping in the form of Rayleigh damping is included in the finite element 
formulation. Use of a superior model such as Small Strain Hardening Soil (SSHS) model 
was avoided in this study because of limitations in calibrating the additional model 
parameters.  A schematic of the stress-strain relationship of the HS model is shown in 
Figure 4. 
 
The basic idea behind formulation of Hardening Soil model is a hyperbolic 
relationship between vertical strain and deviatoric stress in primary triaxial test. When 
subjected to primary deviatoric loading, soil shows a decreasing modulus and 
simultaneously irreversible plastic strain develops. The HS model uses a power law for 
ε
σ
Ei
S
tr
es
s
Strain
Failure line
E50
Eur
q
f
q5.0
f
Asymptote
Figure 4: Stress-strain relationship of HS model 
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stress dependent modulus. The key input parameters are the secant modulus at 50% of the 
failure stress ( 50
ref
E ), tangent modulus for primary oedometer loading (
ref
oedE ), 
unloading/reloading modulus ( ref
urE ), power of stress level dependency of modulus (m), 
effective friction angle (ϕʹ), effective cohesion (cʹ), Poisson’s ratio (ν),  hydraulic 
conductivity (k), and optional interface property (Rinter). All the moduli need to be 
calculated at the reference confining pressure of 100 kPa. The mean model parameters 
calibrated using the experimental data from the literature following the procedure outlined 
in PLAXIS 2D material model manual are presented in Table 4. 
Material 50
ref
E  
(kPa) 
ref
oedE  
(kPa) 
ref
urE  
(kPa) m 
cʹ 
(kPa) 
ϕʹ(°) ν K (m/s) Rinter 
In-Situ Soil 37000 80247 111000 1 20 28 0.35 1.16x10-8 0.65 
Granular Soil 49000 65962 147000 0.5 0 38 0.3 4.00x10-4 0.65 
Shredded Tire 1800 2359 5400 1 6.749 23 0.29 2.97x10-2 0.65 
 
 Small strain damping model 
In PLAXIS, the material damping is considered in the form of full Rayleigh 
formulation (stiffness and mass proportional damping) at the finite element equation level. 
The mass and stiffness proportional damping is calculated as shown in Equation 1 and then 
added to the element equation as shown in Equation 2.   
 R M KC     (1) 
 Ru Ku fMu C    (2) 
Table 4: Hardening soil model mean input parameters 
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where CR is the element Rayleigh damping matrix, M is the element mass matrix 
and K is the element stiffness matrix, and f is the element force vector. u ,u  and u  are the 
acceleration, velocity and displacement vectors, respectively. The mass and stiffness 
proportional damping parameters,  and , were calculated considering 5% target damping 
and the properties. The calculated values are tabulated in Table 5. In Table 5, ‘H’ is the 
height of the soil, ‘Vs’ is the shear wave velocity and ‘T’ is the predominant frequency.   
Soil H (m) Vs (m/s) T (sec)   
In-situ Soil 12.22 100.2671 0.4875 1.07405 0.00129 
Granular soil 6.5 84.3256 0.3083 1.69818 0.00082 
Shredded Tire 6.5 30.9247 0.8408 0.62277 0.00223 
 
Properties of structural components 
The dimensions of the retaining wall presented in the Geotechnical and Structural 
Design of Retaining Wall section were used to determine the required sectional properties 
of structural components for the finite element analysis. A linear elastic material model 
was assumed to be adequate for representing the stress-strain behavior of structural 
components. The properties used in the simulations are shown in Table 6.  
Property Stem Footing 
Linear Stiffness, EA (kN/m) 1.401x107 1.993x107 
Flexural Stiffness, EI (kNm2/m) 273827.57 701675.67 
Weight, w (kN/m/m) 11.163 15.275 
Average Thickness (m) 0.48 0.65 
Poisson's Ratio 0.15 0.15 
 
Table 5: Rayleigh damping coefficients for soil 
Table 6: Properties of the structural components 
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Generation of finite element model 
The physical system consisting of retaining wall-backfill-in situ soil was 
represented by two-dimensional plane strain model in PLAXIS. Separate finite element 
models were generated for each backfills with corresponding dimensions. Shown in Figure 
5 is the finite element mesh for the retaining wall-soil system with shredded tire backfill. 
The heights and the widths of the simulation domain was selected based on parametric 
studies such that the computed results are independent of the size of the simulation domain; 
simulations were repeated by increasing the widths and heights until the computed results 
(displacement at the tip of the wall, maximum shear force and bending moment in the stem) 
do not change with further increase in them. The final dimension of A = 35 m, B = 45 m, 
H2 = 9.57 m, and H3 = 14.87 m corresponding to Figure 5 was selected for the further 
analysis. In the Figure E.5, H1 is 6.5 m which is the height of retaining wall. 
 
The simulation domain was discretized spatially using 15-node triangular plane 
strain elements and the structural components were represented by plate elements. The 
standard fixities and the standard earthquake boundaries were applied to the model as 
suggested in the user manual (PLAXIS, 2012) for dynamic analysis. The standard fixities 
option fixes the vertical sides of the model domain against translation in x-direction and 
H2
A
B
H3
H1
Figure 5: Simulation domain with mesh (dimensions are in meters) 
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base of the model domain against translation in both x and y-directions. The standard 
earthquake boundaries created absorbent and viscous boundary on the vertical sides and 
prescribed displacement along the bottom of the model. The stress-strain behavior of in 
situ soil and backfill materials were represented by nonlinear elastoplastic HS model and 
that of the structural components (stem and footing) were represented by linear elastic 
relationship. The model was analyzed by applying a synthetic acceleration-time history 
shown in Figure 6 (a) at the base of the model. This synthetic motion was generated using 
SCENARIO_PC, a computer program used by South Carolina Department of 
Transportation for generating synthetic motions based on local seismic conditions. The 
other motions shown in Figure 6 were used for conducting parametric study to evaluate the 
effect of amplitude and frequency content of the input motion on the computed responses.  
In Figure 6, peak ground acceleration (PGA), maximum spectral acceleration (Sa), and 
mean period (Tm) are also presented for each input motion. 
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Results and discussion 
Examination of simulation results revealed that there was no geotechnical failure 
during the earthquake excitation period. The variation of the computed maximum and 
minimum shear force and the bending moment with depth on the stem are shown in Figures 
7 and 8, for static and dynamic loading conditions, respectively.   
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Figure 6: Earthquake acceleration-time histories used in this study 
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Figure 7: Comparison of computed maximum shear force and bending moment for static 
case 
Figure 8: Comparison of computed maximum shear force and bending moment for 
dynamic case  
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In Figures 7 and 8, the maximum positive and the minimum negative shear force 
and bending moment correspond to the force pushing the wall away and towards the 
backfill, respectively.  The computed results show that, for both static and dynamic cases, 
the retaining wall with shredded tire backfill exhibit smaller maximum shear force and 
bending moment along the stem than the granular soil backfill (starting from zero at the 
top and maximum at the bottom of the stem). On the other hand, in the case of static 
loading, the minimum shear force and bending moment computed along the stem is almost 
zero except a small deviation in the upper portion of the stem. By contrast, in dynamic case 
a higher minimum shear force and bending moment is induced for shredded tire backfill 
along the whole length of stem starting from zero at the top. One possible reason for such 
behavior could be due to cohesion in shredded tire, which is negligible in granular soil. An 
additional force due to cohesion will be acting on the stem, increasing the negative force 
which results in higher minimum force along the wall height for shredded tire backfill 
compared to granular backfill. Moreover, there will be additional back and forth force 
acting on the stem due to horizontal acceleration-time history applied at the base of the 
model.  
The wall tip deflection-time history relative to the base of the model is shown in 
Figure 9. The shredded tire produces lower horizontal deflection compared to that of 
granular soil backfill for entire dynamic time. 
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The deformation behavior was further investigated to understand the interaction 
between the wall and the backfill material when subjected to earthquake load. The 
deformed shapes of the model at the end of shaking (20 sec) are shown in Figure E.10 (a) 
and (b) for granular soil and shredded tire, respectively. 
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Figure 9: Comparison of horizontal wall tip displacement (relative to base of the model) 
Figure 10: Comparison of deformed shapes at the end of simulation (deformation 
magnified by 3) (a) Retaining wall with granular soil backfill and (b) Retaining wall with 
shredded tire backfill 
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In the case of granular soil backfill, it seems that the backfill material controls the 
response of the wall resulting in a complex interaction between wall and the backfill. On 
the other hand, the wall controls the deformation behavior in case of shredded tire backfill. 
The behavior of wall and backfill make sense because the stiffness of the granular soil back 
fill is one order higher than that of shredded tire. Further investigation is needed to 
thoroughly investigate the complex wall-soil interaction and develop appropriate design 
criteria. 
The maximum values of deflection, shear force, and bending moment and 
percentage save are also summarized in Table 7 for static and dynamic cases.                    
Case Backfill 
Max. 
Wall 
Deflection 
(cm) 
Percent 
Saving 
Max. 
Shear 
Force 
(kN/m) 
Percent 
Saving 
Max. 
Bending 
Moment 
(kNm/m) 
Percent 
Saving 
Static 
Granular 
soil 
1.70 
31.18 
107.89 
43.79 
244.67 
35.01 
Shredded 
Tire 
1.17 60.64 159.01 
Seismic 
Granular 
soil 
27.20 
42.61 
421.78 
46.72 
1105.54 
28.46 
Shredded 
Tire 
15.61 224.01 790.93 
 
Parametric study 
Variation in shredded tire properties 
It can be seen in Table 1 that the properties of shredded tire show significant 
variation with the size of tire shred and type of tests performed to obtain the properties. 
Table 7: Comparison of maximum responses computed with granular soil and shredded 
tire backfills 
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This signified the requirement of parametric study to understand the effects of these 
variations on the performance of the retaining wall. The key parameters used in the design 
of the retaining wall were unit weight, friction angle, and cohesion of backfill. Table 1 
shows that the unit weight of shredded tire does not exhibit significant variation, as 
indicated by its low standard deviation. Hence, the friction angle and cohesion of backfill 
were considered as variables. With the help of mean (), and standard deviation () of 
these parameters, the variations were constructed as shown in Table 8. The variation 
consists of mean value as control case and cases that vary friction angle and cohesion by 
one standard deviation above and below the mean value. 
Variable Case 50
ref
E  
(kPa) 
ref
oedE   
(kPa) 
ref
urE
  
(kPa) 
m 
c' 
(kPa) 
ϕʹ (°) K (m/s) 
Mean ϕʹ,c(μ) 1800 2359 5400 1 6.749 23 2.973x102 
Friction 
Angle 
ϕʹ(μ+σ) 1770 2359 5310 1 6.749 28.426 2.973x102 
ϕʹ(μ-σ) 1880 2359 5640 1 6.749 17.574 2.973x102 
Cohesion 
c(μ+σ) 1870 2359 5610 1 12.771 23 2.973x102 
c(μ-σ) 1760 2359 5280 1 0.727 23 2.973x102 
 
 Each of these variations was simulated in PLAXIS keeping the other parameters 
as the same. The maximum bending moment-depth, shear force-depth, and horizontal wall 
tip deflection relative to the base of the model-time variations computed for static and 
dynamic conditions are presented in Figures 11 and 12, respectively for friction angle 
Table 8: Hardening soil model parameters of shredded tire for parametric study 
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variation and in Figure 13 and 14, respectively for cohesion variation.   
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Figure 11: Effect of friction angle of shredded tire (static case) (a) Shear force 
distribution along the stem and (b) Bending moment distribution along the stem 
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               Figure 12: Effect of friction angle of shredded tire (dynamic case) (a) 
Horizontal wall tip deflection (relative to base of the model), (b) Shear force distribution 
along the stem, and (c) Bending moment distribution along the stem 
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Figure 13: Effect of cohesion of shredded tire (static case) (a) Shear force distribution 
along the stem and (b) Bending moment distribution along the stem         
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Furthermore, the computed maximum shear force, bending moment, and horizontal 
wall tip deflection (relative to base of the model) for static and dynamic conditions are also 
tabulated in Table 9.  
Variable Case 
Maximum wall tip 
deflection (cm) 
Maximum bending 
moment (kNm/m) 
Maximum shear force 
(kN/m) 
Static 
case 
Seismic 
case 
Static 
case 
Seismic 
case 
Static 
case 
Seismic 
case 
Mean ϕʹ,c(μ) 1.17 15.61 159.01 790.93 60.64 224.01 
Friction 
Angle 
ϕʹ(μ+σ) 1.03 20.31 139.66 832.89 51.57 227.46 
ϕʹ(μ-σ) 1.29 14.79 176.71 880.16 69.27 230.52 
Cohesion 
c(μ+σ) 1.14 15.53 154.82 993.75 59.98 255.89 
c(μ-σ) 1.21 16.43 165.85 595.14 61.73 195.27 
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Figure 14: Effect of cohesion of shredded tire (dynamic case) (a) Horizontal wall tip 
deflection (relative to base of the model), (b) Shear force distribution along the stem, and 
(c) Bending moment distribution along the stem                
Table 9: Summary of maximum responses computed from parametric study 
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Figure 11 and Table 9, show that in static case, the increase in friction angle resulted 
in decrease in shear force and bending moment and vice versa. With the increase in friction 
angle, the active soil pressure behind the stem decreases and hence the shear force and 
bending moment on wall also decrease. Similarly, the increase in cohesion resulted in 
decrease in shear force and bending moment but not in very significant amount, as seen in 
Figure 13 and Table 9. This phenomenon can be explained with the help of Rankine active 
earth pressure theory for cohesive soil, given by Equation 3. 
 '2a aa v cK K    (1) 
where σa is the active earth pressure, Ka is the active earth pressure coefficient, σv 
is the vertical overburden pressure, and cʹ is the cohesion of soil. According to the Equation 
3, the increase in cohesion results in the decrease in active earth pressure on wall resulting 
in decrease of shear force and bending moment.  The difference in horizontal wall tip 
deflection for variation of friction angle and cohesion is insignificant for static case. The 
variations in parameters in static case resulted in specific trend of response along the length 
of stem, creating a boundary values as seen in Figures 11 and 13. In addition, the difference 
between the maximum responses for the extreme values of friction angle and cohesion 
increases with the depth of the stem. 
Figures 12 (b) and (c) show that, in dynamic analysis, both increase and decrease 
in friction angle result in increase in shear force and bending moment. But the decrease in 
friction angle shows more significant increase in the response. The horizontal wall tip 
deflection as seen in Figure 12 (a) does not show much variation in the deflection pattern 
and they seem to converge even with the change in friction angle. But the maximum wall 
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tip deflection due to increase in friction angle has increased but not significantly, which 
can be explained with the help of the amount of force acting on the wall. The force acting 
on wall due to increase in friction angle is less than the force due to decrease in friction 
angle. When there is smaller force, wall has more freedom to move resulting in higher 
shear force, bending moment and, wall tip deflection. The results obtained by varying the 
cohesion of shredded tire presented in Figure 14 shows that the increase in cohesion 
resulted in an increase in shear force and bending moment and a decrease in wall tip 
deflection. Also, the effect of cohesion in the wall tip deflection is greater with higher 
cohesion value. In dynamic case, in addition to the active dynamic earth pressure acting on 
the wall, there will be an additional horizontal force due to horizontal dynamic loading 
acting on the wall in back and forth direction. Hence, along with the effects due to change 
in friction angle and cohesion, there is an additional dynamic load responsible for the 
computed responses. The variation of shear force and bending moment follow the same 
trend along the length of the stem for both friction angle and cohesion variation, creating a 
boundary as shown in Figures 9 (b), (c) and 11 (b), 11(c). This can help to predict the 
behavior of wall lying within the specified range of friction angle (i.e. 17.6° to 28.4°) and 
cohesion (0.73 kN/m2 to 12.77 kN/m2). Similar to the static case, the difference between 
maximum responses for the extreme values of variables increases with the depth of the 
stem. 
It should be noted that the responses computed for all the values of variables 
(friction angle and cohesion) are always less than that of convention granular backfill for 
both static and dynamic cases, verifying that the wall with shredded tire backfill perform 
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adequately with the variation in input parameters by one standard deviation above and 
below the mean values. 
Variation in friction angle of conventional granular backfill 
Although CalTrans limits the value of friction angle of the backfill to 34o, it is 
possible to have values higher or lower than 34o. To understand the effect of variation in 
friction angle of conventional backfill, a parametric study was conducted by using 30o and 
38o for the friction angle. The variation in the friction angle resulted in different designs of 
the wall, as the force acting on the wall is the function of the friction angle of the backfill. 
Each wall was simulated in PLAXIS with corresponding friction angles keeping all the 
other variables constant. The maximum wall tip deflection-time, maximum shear force-
depth, and maximum bending moment-depth variations computed for static and dynamic 
cases are presented in Figures 15 and 16, respectively.  
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Figure 15: Effect of friction angle of granular backfill (static case) (a) Shear force 
distribution along the stem and (b) Bending moment distribution along the stem 
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It can be observed from Figures 15 and 16 that the maximum computed responses 
for the friction angle of granular backfill ranging from 30° to 38° are always greater that of 
shredded tire backfill along the entire length of the stem. A more detailed comparison for 
the variation of friction angle of granular backfill with shredded tire is presented in Table 
10. 
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Figure 16: Effect of friction angle of granular backfill (dynamic case) (a) Horizontal wall 
tip deflection (relative to base of the model), (b) Shear force distribution along the stem, 
and (c) Bending moment distribution along the stem 
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Descriptions Case 
Shred-
ded 
tire 
Granular soil with friction 
angle, ʹ= 
Percentage reduction 
(%) for ʹ= 
30° 34° 38° 30° 34° 38° 
Volume of 
concrete (m3) 
Static 4.36 4.70 4.50 4.40 7.20 3.18 0.89 
Seismic 7.02 7.89 7.71 7.52 11.03 8.93 6.66 
Volume of 
excavation 
(m3) 
Static 24.90 31.53 30.23 33.23 21.03 17.63 17.63 
Seismic 31.53 53.63 53.24 51.87 41.21 40.78 39.22 
Area of 
reinforcement 
(cm3) 
Static 108.14 129.97 120.88 115.05 16.80 10.54 6.01 
Seismic 206.47 331.95 315.83 299.25 37.80 34.63 31.00 
Wall tip 
deflection 
(cm) 
Static 1.17 1.76 1.70 1.60 33.59 31.17 26.81 
Seismic 15.61 27.43 27.21 26.69 43.08 42.62 41.52 
Maximum 
shear force 
(kN/m) 
Static 60.64 124.97 107.90 101.48 51.48 43.80 40.24 
Seismic 224.01 436.69 421.78 407.68 48.70 46.89 45.05 
Maximum 
bending 
moment 
(kNm/m) 
Static 159.01 277.69 244.67 223.38 42.74 35.01 28.82 
Seismic 790.93 1144.74 1105.54 1067.58 30.91 28.46 25.91 
 
Variation in stiffness of structural components 
A parametric study was conducted by varying the stiffness of the concrete by ±one 
standard deviation. The standard deviation of the stiffness (Ec) was determined by 
assuming the covariance of 10 %. The constructed variations with the help of standard 
deviation () and mean () are presented in Table 11. Each of these variations was 
simulated in PLAXIS for both granular and shredded tire backfill keeping the other 
parameters as the same.  
The computed responses revealed that for granular backfill, the increase in stiffness 
resulted in variation of maximum horizontal wall tip deflection, shear force, and bending 
Table 10: Summary of the results of parametric study on friction angle of conventional 
backfill 
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moment by less than; 5.0 % (decreased), 1.5 % (increased), and 2.0 % (increased) for static 
loading condition and 1.0% (decreased), 0.5 % (increased), and 1.0% (increased) for 
dynamic case, respectively. Similarly, for the shredded tire backfill, the difference in 
maximum horizontal wall tip deflection, shear force, and bending moment were determined 
to be less than; 6.0 % (first increased and then decreased), 3.0 % (first decreased and then 
increased), and 2.0 % (first decreased and then increased) for static case and 2.5 % 
(decreased), 1.5 % (increased), and 5.0 % (increased) for dynamic case, respectively. The 
parametric study on the effect of wall stiffness indicates that low strength concrete can be 
used, if structural demands are met, to build the wall in certain areas.  
Variable Case 
Linear Stiffness, EA (kN/m) Flexural Stiffness, EI (kNm2/m) 
Stem Footing Stem Footing 
Stiffness of 
concrete, 
Ec 
Ec(μ- σ) 1.261x107 1.794x107 2.464x105 6.315x105 
Ec(μ) 1.401x107 1.993x107 2.738x105 7.017x105 
Ec(μ+ σ) 1.541x107 2.192x107 3.012x105 7.718x105 
 
Variation in input motion 
The dynamic response of retaining wall-soil system is affected not only by the 
amplitude of the applied acceleration-time history but also by the frequency content of the 
motion (Kramer, 1996). The frequency content of an earthquake motion is best represented 
by its mean period (Rathje et al., 1998; Stewart et al., 2001). In this study, in addition to 
the synthetic motion corresponding to Charleston, SC, which is used in the previous 
sections, the model was analyzed with two other motions (see Figure 6) with which a 
reasonable range of amplitude and frequency content were covered. The acceleration-time 
Table 11: Properties of the structural components for parametric study 
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histories of the additional motions, the Christ Church earthquake (2011) in New Zealand 
and the El Centro earthquake in California (1940), are shown in Figures 6 (b) and (c), 
respectively. The spectral acceleration-period plots of the three motions are shown in 
Figure 6 (d). The Christ Church earthquake motion (S40W component) was obtained from  
http://info.geonet.org.nz/display/quake/M+6.3%2C+Christchurch%2C+22+February+20
11. 
The PGA, maximum spectral acceleration, and mean periods of the acceleration-
time histories computed following the method presented by Rathje et al. (1998) and Stewart 
et al. (2001), are tabulated in Table 12. The horizontal wall tip displacement-time history 
and maximum bending moment-depth and maximum shear force-depth in the stem 
obtained from the simulation for each of the motions are shown in Figure 17. 
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As can be seen in the horizontal displacement-time history plots (Figure 15 (a)), the 
three curves are noticeability different. This is mainly due to the difference in the amplitude 
and frequency content of the motions. The Charleston (synthetic) motion which has the 
largest PGA and the smallest Tm induced the largest permanent deflection at the tip of the 
wall while the El Centro motion which has the PGA and Tm values in between the other 
two induced the smallest permanent deflection. On the other hand, the maximum shear 
force-depth and maximum bending moment-depth variations computed with El Centro 
motion are bounded by that of the other two motions for the most depths. It can also be 
seen that the Charleston (synthetic) motion produced the upper bound and the Christ 
Church motion produced the lower bound in both shear force-depth and bending moment-
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Figure 17: Effect of input motion parameters, PGA and Tm (a) Horizontal wall tip 
deflection (relative to base of the model), (b) Shear force distribution along the stem, and 
(c) Bending moment distribution along the stem 
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depth variations. Moreover, the largest (un-factored design) shear force and bending 
moment in the stem, and horizontal deflection at the tip of the stem are also tabulated in 
Table 12.  
Input 
motion 
PGA 
(g) 
Maximum 
spectral 
acceleration 
(g) 
Mean 
period, 
Tm (sec) 
Maximum 
wall 
deflection 
(cm) 
Maximum 
shear 
force 
(kN/m) 
Maximum 
bending 
moment 
(kNm/m) 
Charleston 
(synthetic) 
0.511 1.290 0.344 15.61 224.01 790.93 
Christ 
Church 
(2011) 
0.312 1.356 0.952 8.86 209.18 667.65 
El Centro 
(1940)  
0.314 1.047 0.590 6.15 203.53 704.81 
 
The tabulated data show that the largest bending moment which occurred at the 
bottom of the stem, increases with increasing PGA of the input motion. The largest 
horizontal wall tip deflection was observed with the motion which has the largest PGA. 
The largest bending moment and the shear force in the stem were induced by the Charleston 
(synthetic) motion which has the largest PGA but the smallest Tm among the three motions 
considered.   However, there was no trend in the largest values, neither with PGA nor Tm. 
It may be because of the influence of parameters of the input motion other than that 
represented by PGA and Tm and the complex nature of the problem including the interaction 
between soils and structural components.  
Table 12: Largest computed responses in the stem from input motion variation 
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Conclusions 
Based on the complete design, it was observed that the retaining wall with shredded 
tire backfill is more efficient than conventional granular backfill in both seismic and non-
seismic areas. Shredded tire backfill provides significant reduction in volume of concrete, 
volume of excavation and backfill materials, and amount of reinforcement required. From 
the numerical analysis of the wall, it was observed that the shredded tire produced lower 
deflection and lower shear force and bending moment for the entire length of the stem 
compared to that of granular backfill material. The results of the design and numerical 
analysis of the retaining wall justify that shredded tire can be cost effective alternative for 
conventional granular backfill. Moreover, the parametric study showed that for dynamic 
case, the friction angle has more influence on the maximum horizontal wall tip deflection 
and less influence on shear force and bending moment as indicated by small boundary. On 
the other hand, cohesion has less influence on the wall tip deflection and more influence 
on shear force and bending moment, as indicated by comparatively larger boundary. The 
parametric study on the variation of friction angle of granular backfill material illustrated 
that the decrease in friction angle results in higher forces on the wall. However, the 
computed maximum responses for all variations are always higher that of shredded tire. 
The variation of input motions showed that the wall performs satisfactorily when other 
motions  were applied, in spite of the fact that the wall was designed corresponding to 
Charleston, SC earthquake. In all the cases of parametric study, it was observed that the 
maximum responses for all variations are always less than that of granular backfill, 
justifying that the wall with shredded tire backfill can perform well within the stated ranges 
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of properties and earthquake of other magnitudes as well. However, it is not logical to 
compare the results of variations of input motions with the granular soil backfill because 
in case of granular soil, only Charleston synthetic motion was used for simulation. 
The long toe of retaining wall with shredded tire backfill can be cut down to some 
extent by providing tie down or pin on the heel side, ensuring that the stability is 
maintained. One important thing associated with the use of tire is, it must be cleaned and 
free of wire, oil, and grease prior to the use in order to avoid leaching into the ground water 
and prevent from soil contamination. 
In spite of the advantages associated with use of shredded tire as backfill for 
retaining structures, especially in seismically active areas, there are no guidelines or design 
standards available. Further research can be beneficial to determine the applicability of this 
sustainable material in more economical way and to develop guidelines for design with 
shredded tire, so that the problem of disposition waste tires in an eco-friendly and 
economical way can be reduced to some extent. 
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Ultimate Bearing Capacity of Shallow Foundation in Partially Saturated Soil: A 
Coupled Geotechnical-Climatic Approach for Sustainable Design 
Nadarajah Ravichandran1, Shweta Shrestha
2 and Brian Machmer2 
ABSTRACT 
Equations for computing the ultimate bearing capacity of shallow foundations in 
partially saturated soil considering matric suction are being developed and verified in 
recent years for use in design. In addition to the flow parameters, the matric suction of the 
near surface soil is affected by the rate of infiltration and the location of the water table as 
these two affect the moisture in the influence zone of the foundation. In this study, a 
simplified approach based on a probabilistic method for computing the ultimate bearing 
capacity of shallow foundations in partially saturated soil considering rainfall and water 
table data is proposed. The flow of water in partially saturated soil was modeled using 
Richard’s equation. The ultimate bearing capacity equation proposed by Vanapalli et al. 
(1996) was used as the ultimate bearing capacity equation and the randomness in soil 
moisture due to seasonal variation was considered systematically using the Monte Carlo 
simulation technique. The results show that the ultimate bearing capacity computed using 
the proposed method is significantly larger than that computed assuming fully saturated 
soil condition. 
Keywords: Partially saturated soil, Shallow foundation design, Coupled hydrological-
geotechnical design, Monte Carlo Simulation 
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INTRODUCTION 
Shallow foundations are commonly used for supporting small to medium size 
structures over deep foundations since they are economical and easy to construct. 
Geotechnical design of an isolated shallow foundation involves choosing suitable length 
and width of the foundation to meet both the bearing capacity and settlement criteria for 
the given geotechnical and loading conditions. Since shallow foundations transfer 
structural load to near surface soil, the shear strength, consolidation and stiffness 
parameters of the near surface soil influence the design outcomes i.e., the size of the 
footing. In practice, shallow foundations are designed for the worst case geotechnical 
conditions which assume that the soil is fully saturated with the water table at the ground 
surface. Although such assumptions are valid for many practical situations, there are 
locations in arid climates where the water table is well below the influence depth of the 
shallow foundation during the lifetime of the structure and the soil never gets fully 
saturated. For those situations, the assumption of fully saturated soil will obviously be 
results in uneconomical conservative designs. Therefore, a new design procedure that 
considers the near surface soil as partially saturated soil could be developed for economical 
designs. Such a new procedure will require better understanding of unique behaviors and 
theories associated with partially saturated soils and also coupling of historical rainfall, 
evapotranspiration and water table data with flow and deformation properties of near 
surface partially saturated soils.  
The recent developments in understanding the unique mechanical and flow 
behaviors of partially saturated soils and their applications in geotechnical and foundation 
184 
 
engineering support the idea of developing procedures and theories to design shallow 
foundations treating the near surface soil as partially saturated if applicable. In this paper, 
the influence of partial saturation in terms of matric suction on the ultimate bearing 
capacity of a shallow foundation is investigated using equations available in the literature. 
A framework is then proposed for computing the ultimate bearing capacity of shallow 
foundations considering historical rainfall data, water table data and geotechnical and 
hydraulic properties of the supporting soil. Finally, design examples considering two sites 
in the United States are used to demonstrate the proposed procedure. 
ULTIMATE BEARING CAPACITY OF A SHALLOW FOUNDATION IN 
PARTIALLY SATURATED SOILS 
The ultimate bearing capacity of a shallow foundation is typically computed using 
either Terzaghi’s (Terzaghi, 1943) ultimate bearing capacity equation or Meyerhof’s 
(Meyerhof, 1963) general bearing capacity equation. The general bearing capacity 
equation, shown in Equation (1) consists of three additional factors (shape, depth and load 
inclination factors) to take into account various shapes, depths and load inclination. 
      
1
'
2
u c cs cd ci q qs qd qi s d iq c N F F F qN F F F B N F F F       (3) 
where 'c  is the cohesion of soil,   is the unit weight of the soil, q  is the effective 
overburden pressure at the bottom of the footing, B is the width of footing, , andc qN N N  
are the bearing capacity factors that are nondimensional and are functions of the soil 
friction angle ' , and , ands d iF F F    are the shape, depth and load inclination factors, 
respectively.  
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Both Terzaghi’s and Meyerhof’s equations were derived for the failure mechanism 
and resistance along the failure surfaces based on the saturated soil mechanics principles. 
However, recent studies show that the mechanical behavior of soils varies with moisture 
content (Steensen-Bach et al, 1987; Oloo et al., 1997; Costa et al., 2003; Rojas et al., 2007; 
Vanapalli and Mohamed, 2007; Sheng, 2011). The foundations designed using Equation 1 
are often conservative for sites which may not reach the fully saturated condition during 
the life time of the structure. Recently, the need for incorporating the unique features of 
partially saturated soil, particularly the effect of matric suction in geotechnical engineering 
practice was summarized by many researchers including Fredlund (Fredlund, 2006) with 
practical examples. In one of the notable experimental studies related to shallow 
foundation, Mohamed and Vanapalli (Mohamed and Vanapalli, 2006) showed that the 
bearing capacity of a square model footing on a coarse-grained soil under a partially 
saturated condition is approximately five to seven times higher than the bearing capacity 
under fully saturated condition. In order to take advantage of the higher capacity of the 
partially saturated soil, a geotechnical engineer needs to understand the unique concepts 
associated with partially saturated soil along with the rainfall, evapotranspiration and water 
table fluctuation data over a period of time. 
Partially saturated soil is a three phase medium; it consists of three bulk phases and 
three interfaces. Among the three interfaces, the air-water interface plays a critical role in 
the shear strength and volume change behaviors (Fredlund and Morgenstern, 1977; 
Fredlund and Rahardjo, 1993; Sheng, 2011). The dynamic equilibrium among these bulk 
and interfaces can be expressed in terms of net stress ( )au  , matric suction ( )a wu u , and 
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net stress with respect to pore water pressure ( )wu  (Fredlund and Morgenstern, 1977). 
Where  is the total stress,
 a
u  is the pore air pressure and wu  is the pore water pressure. 
Fredlund and Morgentern’s study (Fredlund and Morgenstern, 1977) concluded that 
although any two of the three possible combinations can be used to describe the stress state 
of a partially saturated soil, the net stress ( )au  and the matric suction ( )a wu u  are the 
most satisfactory combinations for use in engineering practice. The combination is 
advantageous because the effects of change in net stress can be separated from the effects 
of a change in pore water pressure and the pore air pressure is the atmospheric pressure in 
most engineering problems under normal loading conditions. The second stress state 
variable is the matric suction which is easily related to the degree of saturation of the soil 
through the soil water characteristic curve (SWCC). The use of the SWCC in geotechnical 
engineering projects such as roadway embankments is common practice. The fitting 
parameters of the widely used SWCC model are available in the literature. 
The equation for the ultimate bearing capacity that considers the effect of suction 
in shear strength proposed by Fredlund and Rahardjo (Fredlund and Rahardjo, 1993) is 
shown in Equation 2.  
    BNqNNuucq qcbwau
2
1
tan)('   (2) 
The variable
b  indicates the rate of increase in shear strength with respect to a 
change in matric suction. The direct application of Equation 2 requires 
b
 
and matric 
suction. As the matric suction is related to the degree of saturation through the SWCC and 
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the availability of fitting parameters for many SWCC models, researchers have proposed 
to use SWCC in the bearing capacity equation to eliminate the need for calculating 
b  
(Vanapalli et al., 1996; Vanapalli and Mohamed, 2007). Particularly, Vanapalli and 
Mohamed (Vanapalli and Mohamed, 2007) suggested a semi empirical equation modified 
from the initial equation proposed by Vanapalli et al. (Vanapalli et al., 1996) in the 
following form. 
 
     ' tan ' tan ' tan '
0.5
u a w a w c cs cdb ave
f q qs qd s d
q c u u S u u S N F F
D N F F BN F F
 
  
  
 
       
 
 (3) 
Where  bwa uu  = air entry value which can be computed from the SWCC of the 
soil,  a w aveu u  is the average air-entry value, S is the degree of saturation and ψ is the 
bearing capacity fitting parameter given by: 
    
2
1.0 0.34 0.0031p pI I     (4) 
Where Ip is the plasticity index of the soil. The average matric suction in the above 
bearing capacity equation is given by: 
      
1 2
1
2
a w a w a wave
u u u u u u      
 (5) 
Where  
1a w
u u  is the matric suction at the bottom of the footing and  
2a w
u u  
is the matric suction at a depth equal to 1.5 times the width of the footing (1.5 * B). 
Based on the investigation of the above equations, it is expected that the 
incorporation of matric suction effect for computing ultimate bearing capacity will result 
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in economical design for the given loading and soil conditions.  In this paper, the effect of 
the degree of saturation of the soil in the ultimate bearing capacity predicted by Equation 
3 is explored first. Then, an approach based on a probabilistic method considering the 
rainfall, infiltration evaporation and flow of water in the partially saturated zone of the soil 
to apply Equation 3 to a practical engineering situation is discussed.  
VARIATION OF ULTIMATE BEARING CAPACITY WITH SUCTION AND 
MOISTURE CONTENT 
Site selection, soil strength and soil water characteristic curve (SWCC) parameters 
Two sites were selected to show the effect of matric suction on the ultimate bearing 
capacity in this paper. The first site is in Victorville, CA. Victorville was selected due to 
its arid climate and the availability of the van Genuchten soil water characteristic curve 
(SWCC) parameters for the Adelanto Loam present in this region. The van Genuchten 
parameters for the Adelanto Loam were taken from the report by Zhang (Zhang, 2010). 
The soil strength parameters for the site were obtained from a geotechnical engineering 
report by Kleinfelder (Chowdhury, 2006). For the soil, the dry unit weight at a depth of 
1.52 m is 16.19 kN/m3, friction angle is 33 degrees and cohesion is zero. The USCS soil 
classification for the soil at 1.52 m is SM. The SWCC and strength parameters are listed in 
Table 1. 
A site in Levelland, TX was selected as the second site in this study. The soil 
strength parameters were obtained from a geotechnical report made by Amarillo Testing 
and Engineering, Inc (Gonzalez, 2009).  Although the geotechnical engineering parameters 
were available for this site, the van Genuchten parameters were not available. In this study, 
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the van Genuchten parameters for the Levelland, TX site were obtained from the class 
average value of hydraulic parameters for the twelve USDA textural classes from the 
program Rosetta (Schaap, 2000). The help index of the program provides a table with 
values determined through the TXT model, and the lowest of the hierarchical sequences in 
the model. The values in this table were generated by computing the average value for each 
textural class. The soil classification in the geotechnical report was used to determine 
which class the Levelland, TX soil fit best. The soil at the Levelland, TX site was 
considered to be in the sandy clay textural class.  The associated van Genuchten parameters 
and strength parameters are presented in Table 1.  
Table 1: van Genuchten and strength parameters for the Victorville, CA and 
Levelland, TX Sites 
Parameters Victorville, CA Levelland, TX 
Saturated volumetric water content, s 0.423 0.385 
Irreducible volumetric water content 
r 
0.158 0.117 
Model parameter, α (m-1) .321 3.34 
Model parameter, n 2.11 1.207 
Hydraulic conductivity, ks (cm/hr) 0.20952 0.043 
Dry unit weight, d (kN/m3) 16.20 18.56 
Void ratio, e 0.605 0.401 
Friction angle,  (deg) 33 25 
Cohesion, c 0 0 
Air entry value, (ua-uw)b (kPa) 14 1.5 
Bearing capacity versus suction and degree of saturation 
The ultimate bearing capacity of two continuous footings with a width of 1.07 m 
and 1.52 m along with two square footings with the width of 1.07 m and 1.52 m were 
calculated using Equation 3 and the soil parameters shown in Table 1. The depth of the 
footings was assumed to be 0.87 m below the ground surface. The load was assumed to be 
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concentric. The bearing capacity and other factors are tabulated in Table 2. The parameter 
 in Equation 3 was assumed to be 1.0 for the soils (granular soils) as recommended by 
Oh and Vanapalli (2013). The variation of ultimate bearing capacity with degree of 
saturation and matric suction is shown in Figure 1 for the Victorville, CA site and in Figure 
2 for the Levelland, TX site. 
Table 2: Bearing capacity, shape and depth factors for the footings considered 
Fac-
tors 
Square footing Continuous footing 
Victorville, CA Levelland, TX Victorville, CA Levelland, TX 
B=1.07m B=1.52 m B=1.07m B=1.52m B=1.07m B=1.52m B=1.07m B=1.52m 
Bearing capacity  
Nc 38.64 38.64 20.72 20.72 38.64 38.64 20.72 20.72 
Nq 26.09 26.09 10.66 10.66 26.09 26.09 10.66 10.66 
Nγ 35.19 35.19 10.88 10.88 35.19 35.19 10.88 10.88 
Shape factors 
sc 1.68 1.68 1.51 1.51 1.00 1.00 1.00 1.00 
sq 1.65 1.65 1.47 1.47 1.00 1.00 1.00 1.00 
sγ 0.60 0.60 0.60 0.60 1.00 1.00 1.00 1.00 
Depth factors 
dc 1.16 1.11 1.20 1.14 1.16 1.11 1.20 1.14 
dq 1.15 1.11 1.18 1.12 1.15 1.11 1.18 1.12 
dγ 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 
Figure 1. Variation of bearing capacity of continuous and square footings at the 
Victorville, CA site (a) Bearing capacity versus degree of saturation, and (b) Bearing 
capacity versus matric suction 
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Figure 2. Variation of bearing capacity of continuous and square footings at the 
Levelland, TX site (a) Bearing capacity versus degree of saturation, and (b) Bearing 
capacity versus matric suction 
It is interesting to note that the ultimate bearing capacity of both continuous and square 
footings increases with suction in a nonlinear manner. Although the predicted ultimate 
bearing capacity gradually increases with matric suction for the site conditions, it may not 
be realistic to have overly large values (infinitely) for larger suction. Further investigation 
of Equation 3 revealed that the parameter  which was assumed to be 1.0 in the above plots 
has significant impact in the ultimate bearing capacity at large suction value. The results 
of a parametric study conducted by varying the plasticity index (Ip) which is related to  
as shown in Equation 4 are shown in Figures 3 and 4 for the sites in Victorville, CA and 
Levelland, TX, respectively. 
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Figure 3: Effect of plasticity index on the predicted ultimate bearing capacity for the 
Victorville, CA site 
      
Figure 4: Effect of plasticity index on the predicted ultimate bearing capacity for the 
Levelland, TX site 
From the above plots, it is observed that the predicted ultimate bearing capacity 
reaches a peak value around 80 to 90 % degree of saturation and then remains constant or 
decreases with decreasing degree of saturation.  
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Need for coupled climatic-geotechnical model 
From the above studies it is noted that the ultimate bearing capacity varies with 
degree of saturation (or matric suction). If the design moisture content is known for the 
site, the ultimate bearing capacity can be calculated and the foundation can be designed 
accordingly using the above equations. Obtaining a single deterministic moisture content 
value for a project site requires coupling of historical rainfall, evapotranspiration, and water 
table data with appropriate return periods in a systematic manner. In this study, a simplified 
approach which takes into account the climatic condition is presented in the next section. 
It should be noted that the proposed framework used the ultimate bearing capacity proposed 
by Vanapalli et al. (1996) but any equation which consists of matric suction as one of the 
parameters can be used without major modification. 
A FRAMEWORK FOR INCORPORATING CLIMATIC DATA IN THE 
ULTIMATE BEARING CAPACITY OF SHALLOW FOUNDATION IN 
UNSATURATED SOIL 
Approach 
Soil matric suction varies with depth and time. It also depends upon a number of 
climatic and geotechnical information such as rainfall intensity (inflow), 
evapotranspiration rate (outflow), surface runoff, hydraulic conductivity of the soil, and 
water table depth. The net infiltration at the surface can be computed using the rainfall, 
runoff and evaporation data for a particular site. Considering the infiltration as the top 
boundary condition, the change in hydraulic head (or matric suction) in the partially 
saturated soil can be computed using Richard’s equation. Since these variables vary 
randomly over the lifetime of the foundation, a method that predicts the matric suction 
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considering the randomness must be employed to design foundations. In this study, a 
method based on probabilistic concepts such as the Monte Carlo simulation technique is 
used to compute the matric suction considering the random variations in the parameters 
and then determines the ultimate bearing capacity of square and continuous shallow 
foundations. The results are expressed as probability of failure for different return periods 
of rainfall. 
A Monte Carlo simulation that takes into consideration numerous cases can 
ultimately determine the distribution of the ultimate bearing capacity of the soil with the 
soil parameters used for the saturated soil bearing capacity equation and the historic 
infiltration and water table data. The first step in performing a Monte Carlo simulation is 
to identify the random variables. The random variables in the ultimate bearing capacity 
computation come from Equation 3. Although the shear strength parameters of the near 
surface soil can vary and are typically considered as random variables in many geotechnical 
analyses based on probabilistic methods, they are considered constant in this study. The 
inherent randomness of the shear strength parameters can be incorporated into the Monte 
Carlo simulation technique, but to allow for comparisons between the saturated and 
partially saturated soil bearing capacities, the shear strength variables were kept as 
constants. The remaining random variables are the matric suction and unit weight of the 
soil, which must be defined in terms of their probability density function (PDF). This 
allows for the ultimate bearing capacity to be solved for through Monte Carlo simulations. 
The flowchart of the procedure employed in this study is presented in Figure 5. 
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Figure 5: Flow chart for the simulation 
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Climatic data 
Historic rainfall data and the largest event 
The daily rainfall data obtained from the NOAA (National Oceanic and 
Atmospheric Administration) NCDC weather stations are utilized to derive precipitation 
frequency estimates in this paper. Precipitation frequency estimates are typically obtained 
by analyzing annual maximum series or partial duration series Perica et al., 2011). Annual 
maximum series were used in this study and were constructed by extracting the highest 
precipitation amount for a particular duration in each successive year of record. A water-
year starting on October 1 of the previous calendar year and ending on September 30 would 
be another typical option for selecting the maximum rainfall during a period of time.  The 
data over a selected period of time can be fitted with widely used distributions such as the 
Frechet Distribution (Type II Extreme Largest), Gumbel Distribution (Type I Extreme 
Largest), Weibull Distribution (Type III Extreme Largest), Normal distribution, and 
Lognormal distribution to determine the largest event, in this case for a selected returned 
period. 
Evapotranspiration data 
Temperature-based or radiation-based methods are commonly used to calculate the 
evapotranspiration which is the loss of moisture through the soil surface and through plants. 
Low resolution satellites such as NOAA-AVHRR and TERRA-MODIS can also provide 
daily evapotranspiration fluxes in a clear sky (Jhorar et al., 2004) which can be used to 
determine suction changes in the soil. It should be noted that the evapotranspiration near 
the foundation for small structures such as residential buildings may be significant because 
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of dense plants and may also be neglected if the surface is paved as seen in commercial 
buildings.  
Resultant infiltration at the surface 
Considering the rainfall, evapotranspiration and surface runoff, the rate of 
infiltration (influx) can be computed and fitted with a suitable distribution. It can then be 
used to compute the matric suction in the soil using Richard’s equation. In this paper, a 
range of return periods were tested, but in practice an engineer would have to select the 
appropriate return period for the project. The randomly selected rainfall events measured 
in inches are data inputs for the model.   It was assumed that the rainfall event would have 
an infiltration rate equal to the saturated hydraulic conductivity (Ks). The duration of the 
rainfall event was calculated by dividing the randomly selected rainfall event in inches by 
the saturated hydraulic conductivity of the soil. Dividing the rainfall event by Ks is a 
simplified approach compared to determining an infiltration rate with the unsaturated 
hydraulic conductivity K(h), which varies with time and depth.  
The worst case scenario can be considered with no runoff or pooling of water 
(maximum infiltration) and no evapotranspiration (no loss of moisture from the simulation 
domain). However, surface runoff and evapotranspiration can be included in the proposed 
procedure easily by quantifying their values, subtracting from the total rainfall event and 
then fitting with appropriate distribution to compute the largest event. This infiltration is 
the influx to the partially saturated zone and treated as the boundary condition at the top of 
the simulation domain for solving Richard’s equation. 
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Historic water table data 
The water table depth is another boundary condition which affects the matric 
suction of an unsaturated soil. The U.S. Geological Survey (USGS), National Water 
Information System, provides data about the water table depths over numerous years at 
different locations (U.S. Geological Survey, 2012). It is important to note that water table 
data can only be determined in unconsolidated sand and gravel aquifers. There are over 
26,135 sites in these types of aquifers with 50 data points or more. The locations of these 
wells are shown in Figure 6. Fortunately, numerous wells are in locations with dry climates 
and unsaturated soils in the continental United States. Similar records may be available for 
other parts of the world. 
 
Figure 6: Location of USGS wells in the continental US and regions with dry climate 
The data over a selected period of time can be fitted with widely used distributions 
such as the Frechet Distribution (Type II Extreme Largest), Gumbel Distribution (Type I 
Extreme Largest), Weibull Distribution (Type III Extreme Largest), Normal distribution, 
and Lognormal distribution. They can then determine the largest event and shallowest 
water table for a selected return period.  The ground water table is treated as the bottom 
boundary condition for solving the Richard’s equation. It should be noted that if the water 
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table is too deep compared to the influence zone (pressure bulb) of the foundation, it may 
be ignored. 
Computation of matric suction using Richard’s equation 
With the distributions of infiltration and water table, variations in matric suction 
can be quantified. Matric suction is directly related to the hydraulic head (hw) of the soil as 
follows: 
    0a w w wu u h y g     (6) 
Where ua is the atmospheric pressure, y is the gravitational head and ρw is the 
density of water. The flow behavior of water in partially saturated soil is complex compared 
to the saturated soil because of the variation in hydraulic head with time and depth. The 
variation in hydraulic head with time and depth due to an infiltration event with the ground 
water table set at the datum can be solved using Richard’s equation. 
 ( ) 1
dh dh
k h
dh dt z dz
    
      
 (7) 
Where 
dh

 is the water capacity function.  
The hydraulic conductivity in Equation 7 can be substituted by the equation 
proposed by van Genuchten (van Genuchten, 1980) as shown below.  
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Where r  is the residual water content, s  is the saturated water content,   is the 
approximation of the inverse of the pressure head at which the SWCC becomes the 
steepest,  is the dimensionless water content, and n and m are fitting parameters (typically 
m = 1-1/n) and are determined by fitting the experimental SWCC with the model. 
With these parameters and initial hydraulic head, the Richard’s equation can be 
solved numerically by the finite difference method. The Crank-Nicolson scheme 
implemented in Bolster and Raffensperger’s (1996) Matlab  (Bolster and Raffensperger, 
1996) program to solve Richard’s equation was implemented in the Monte Carlo 
simulation algorithm in this study. The result is the variation in hydraulic head which can 
be used for computing  a w aveu u  term in the bearing capacity equation. 
The average air entry value,  Bwuau   is the other type of suction that must be 
solved for. This is inversely proportional to the van Genuchten soil parameter α as given 
by the following equation. 
  
1
a w wB
u u 

 
   
 
 (10) 
Where γw is the unit weight of water. 
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Computation of unit weight 
Another variable in Equation 3 that changes with moisture is the unit weight of the 
soil. The following form of the van Genuchten (1980) equation can be used to relate the 
moisture content to the hydraulic head which is the solution from Richard’s equation.  
 
 
 1
s r
r m
n
h
 
 


 
 
 
 
(11) 
Using the same method for calculating the  a w aveu u , the average moisture in the 
soil within the influence depth of the footing (1.5* B) can be calculated by the following 
equation. 
 
   
1 2
2
 

 
  
 
 (12) 
The, the average degree of saturation (S) in the influence area can be calculated by:  
 
s
S


 
  
 
 (13) 
since s can be considered equivalent to the porosity of the soil ( ). 
Thus, the unit weight as a function of degree of saturation can be computed using 
the basic weight-volume relationship given below. 
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
 (14) 
Where e is the void ratio and Gs is the specific gravity of the soil solids. 
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Computation of matric suction, ultimate bearing capacity, risk and probability of 
failure of the foundation 
With the matric suction and unit weight values, Equation 3 can be solved for with 
the predetermined number of Monte Carlo Simulations. Through numerous studies with 
different numbers of simulations, the location and shape parameters are checked for 
convergence. The converged data from the Monte Carlo simulation better represents the 
ultimate bearing capacity for the foundation. With the data collected from the Monte Carlo 
simulation, a cumulative distribution function (CDF) of the ultimate bearing capacity can 
be used to make risk assessments. 
Design risk is quantified by the product of probability of failure and the 
consequence of failure. Calculating the consequences of failure is difficult for practicing 
engineers, thus current practice for foundations in reliability based design accounts for the 
consequence of failure indirectly by prescribing different target probabilities of failure 
(Kulhawy et al., 2012). The reliability index (  ), which is the inverse standard normal 
cumulative function of the probability of failure is the prescribed value usually published. 
The Canadian Building Code uses a target  = 3.5 for superstructures and their 
foundations. AASHTO uses a target  = 3.5 for the superstructure and target   
values 
from 2.0 to 3.5 for the foundations.  For this paper a probability of failure of 10-4 was 
selected to enable the bearing capacity to be read from the CDF. This is equivalent to a 
=3.7, which exceed the Canadian Building Code and AASHTO target values. Figure 5 is a 
flow chart that outlines the method used to calculate the bearing capacity of unsaturated 
soil. 
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A cumulative distribution function (CDF) of the soil bearing capacity considering 
the uncertainty in the suction terms can be used to determine the failure probability of the 
footing. A bearing capacity with a probability of 10-4 can be selected from the CDF to 
follow traditional civil engineering probability of failure expectations for a typical structure 
(ISO 2394, 1998).  Failure of the footing is assumed to occur when the bearing capacity of 
the soil is less than the pressure caused by the column load. It should be noted that in 
addition to the variability in the suction terms, the inherent randomness of the soil 
parameters (e.g. friction angle and unit weight, due to spatial and testing variability) also 
affects the bearing capacity. In this paper, soil parameter distributions are not considered 
since the primary interest is to understand how the unsaturated terms in the equation affect 
the selection of a bearing capacity for real world sites. Figure 5 is a flow chart that outlines 
the method used to calculate the ultimate bearing capacity of shallow foundation in 
unsaturated soil. 
SAMPLE APPLICATIONS 
Site 1: Victorville, CA 
Water table data and largest event 
The water table data was taken from the U.S. Geological Survey National Water 
Information System: Web Interface (U.S. Geological Survey, 2012). The selected site was 
in Victorville, California at a latitude and longitude of 34°32’ 00” N and 117°17’ 34”W, 
respectively. The water table depth was recorded between the years of 1930 and 1958. To 
determine the best-fit distribution for the water table data the probability paper plotting 
technique was used. For this case, the Frechet Distribution (Type II Extreme Largest), 
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Gumbel Distribution (Type I Extreme Largest), Weibull Distribution (Type III Extreme 
Largest), Normal distribution, and Lognormal distribution were checked for the best fit. 
The Frechet distribution had the best fit, but for simplicity the Gumbel distribution, which 
had the second best fit was used. The probability plot of the water table data for the Gumbel 
distribution is shown in Figure 7a. Using Equation 15, it can be determined that the Gumbel 
distribution parameters are 43.916n   and 0.7912n  . 
 ln ln
1
n n i
i
x
n
 
  
     
  
 (15) 
where xi is the annual maximum water table data and n is the number of data points. 
The calibrated model can be used to compute the largest event for a selected return period. 
Rainfall data and largest event 
The rainfall data was taken from the Victorville Pump Station, in Victorville, CA, 
United States, within climate division CA-07. The station was in service from November 
1, 1938 to the present. The elevation of the station is 871 m (2858 ft) above mean sea level. 
The latitude and longitude of the station is 34° 32' 00” N and 117° 17' 34” W, respectively.  
The data for the pump station was processed from an ASCII file that was downloaded from 
the National Climatic Data Center (National Climatic Data Center, 2012). The maximum 
rainfall in inches during a year was tabulated for each year from 1938-2009. Years where 
data was not recorded for all 365 days were removed from the data set. This prevents non-
rainy season maximum yearly values from affecting the overall distribution. Out of 72 
years, a total of 6 years was excluded from the data set. To determine the best fitting 
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distribution for the rainfall data, the probability paper plotting technique was used. The 
Type II Extreme Largest (Frechet distribution), Type I Extreme Largest (Gumbel 
distribution), and the Type III Extreme Largest (Weibull distribution) were checked for the 
best fit. The Gumbel distribution was deemed the best fit based on R2 values. The 
probability plot of rainfall data for the Gumbel distribution is shown in Figure 7b. Using 
the Gumbel distribution, the CDF was transformed into a linear equation shown below. It 
can be determined that the location parameter, 0.8472n   and the shape parameter
0.5011n  . The calibrated model can be used to compute the largest event for a selected 
returned period. 
  
Figure 7: Type I Extreme Largest (Gumbel distribution) for water table depth and 
rainfall data for Victorville, CA 
The surface runoff and evapotranspiration were ignored in this study for simplicity. 
It was also assumed that there was no ponding and therefore, the rainfall equals the 
infiltration. If the evapotranspiration is to be taken into account, then the infiltration can be 
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computed subtracting the surface runoff and evapotranspiration which are relatively 
complex.  
With the known initial conditions, rate of infiltration, water table location and 
hydraulic properties of the soil the moisture content in the soil was computed using 
Richard’s equations. The moisture content was then used to compute the ultimate bearing 
capacity of the soil using Equation 3. Finally the probability of failure was computed. 
Further detail is given below. 
Monte Carlo simulation 
An example of the bearing capacity problem was calculated for a square 1.07 m 
(3.5 ft) footing embedded in the ground 0.61 m (2ft) in Victorville, California. This 
example was extended to determine if the new dominating cohesion component
       cdcscAVRwabwa FFNSuuSuuc 'tan'tan'tan'     in the bearing 
capacity equation was being controlled by the cohesion depth factor term: 
 1 0.4
f
cd
D
F
B
 
   
 
 (16) 
To determine if the depth factor equation has significant influence over the bearing 
capacity equation, the bearing capacity of three example footings were computed. For the 
first example, the footing width, B, was increased from 1.07 to 1.52 m (3.5 to 5 ft).  Another 
example kept the Df/ B ratio equal to the initial footing size and depth, thus B = 1.52 m, Df 
= 0.87 m. The last example allowed B to remain equal to 1.07m and increase the Df to 0.87 
m. 
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The convergence of the mean and the coefficient of variation for the bearing 
capacity distributions with the number of simulations are plotted in Figure 8. At 10,000 
simulations there is evidence of a convergence for each of the different example footings.  
The mean is the location parameter and the coefficient of variation takes into account the 
shape factor, with both of these measurements of the distribution converging, it can be 
understood that the empirical CDF created from the Monte Carlo simulations accurately 
represents the bearing capacity for the example footing in Victorville, California.  
 
Figure 8: Number of simulations versus the mean and coefficient of variation 
Bearing capacity based on Monte Carlo simulation and probability of failure 
The CDFs created for each of the example footings using 10,000 simulations are 
plotted in Figure 9. The bearing capacity for the footing at a probability of failure of 10-4 
is recorded in Table 3. To determine if taking into account unsaturated soils is meaningful 
to bearing capacity analysis, Meyerhof’s equation was used to calculate the bearing 
capacity of the footing assuming the soil to be fully saturated (Table 1) and compared with 
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the bearing capacity calculated with unsaturated soil mechanics principles. The percent 
increase in bearing capacity by taking into account unsaturated soils are also recorded in 
Table 3. From the results tabulated in Table 3, it is evident that the depth factor in the 
cohesion term has a significant influence in the bearing capacity equation. The simulation 
with the highest bearing capacity was the footing with the 1.07 m width and the depth of 
0.87 m (case 2). This is a larger bearing capacity than the larger footing at the same depth. 
This shows that a smaller depth factor has more influence than a larger footing. It is clearly 
evident that the bearing capacity of the soil is significantly affected by the matric suction 
and the variation of unit weight.  All the bearing capacities for the different example 
footings have increased by over 233%.  
   
Figure 9: Bearing capacity versus probability of failure for all systems in Victorville, 
CA 
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Table 3: Computed bearing capacities for Victorville, CA  
Case L (m) B (m) Df (m) 
Deterministic 
method assuming 
fully saturated 
condition (KN/m2) 
Monte Carlo 
simulation assuming 
unsaturated condition 
(KN/m2) 
Percent 
increase 
1 1.07 1.07 0.61 419 1548 269 
2 1.07 1.07 0.87 574 2013 251 
3 1.52 1.52 0.61 455 1673 268 
4 1.52 1.52 0.87 598 1992 233 
Effect of return period 
To determine how the return period for a distribution affects the bearing capacity 
of a footing, the square 1.07 m footing embedded in the ground 0.61 m was tested by 
constraining the rainfall and water table data to return periods between: 1yr and 2yrs, 1yr 
and 5yrs, 1 yr and 10 yrs, 1yr and 50yrs, 1 yr and 100 yrs, 1 yr and 200 yrs and 1yr and an 
infinite number of years. 
The effect of the return period (RP) on the bearing capacity for the case 1 footing 
is plotted in Figure 10 (a). As expected, as the return period decreases the bearing capacity 
of the footing with a probability of failure of 10-4 increases. Figure 10 (b) provides a plot 
that an engineer could use to select a probability of failure for a foundation, the return 
period for the rain and water table event, and the bearing capacity for the site.  
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Figure 10: Bearing capacity versus probability of failure for 1.07 m square footing 
at a depth of 0.61 m for different return periods in Victorville, CA 
Site 2: Levelland, TX 
Presented in Figure 11 are the Gumbel distribution of the rainfall and water table 
data at the Levelland, TX site generated following procedure similar to the one used for 
Victorville, CA. 
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Figure 11: Type I Extreme Largest (Gumbel distribution) for water table depth and 
rainfall data for the Levelland, TX site. 
The results from the first sensitivity analysis with a change in location are recorded 
in Table 4. The CDF for the simulation is plotted in Figure 12. It is evident that the bearing 
capacity of the footing in Levelland, Texas is much lower than the bearing capacity in 
Victorville, California. To determine if the decrease in bearing capacity is primarily due to 
a change in the soil strength parameters, comparisons were made between the saturated 
and unsaturated soil bearing capacities. Even with increased rainfall the soil in Levelland, 
TX still had an increase in bearing capacity over 76% (Table 4) through the Monte Carlo 
simulation method. Thus this method is valuable to use in regions that are not excessive 
dry within the United States. 
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Figure 12: Bearing capacity versus probability of failure for all systems in 
Levelland, TX 
Table 4: Computed Bearing Capacities for Levelland, TX 
Case L (m) B (m) Df (m) 
Deterministic method 
assuming fully 
saturated condition 
(KN/m2) 
Monte Carlo 
simulation assuming 
unsaturated condition 
(KN/m2) 
Percent 
increase 
1 1.07 1.07 0.61 170 300 76 
2 1.07 1.07 0.87 237 418 76 
3 1.52 1.52 0.61 181 320 77 
4 1.52 1.52 0.87 243 427 76 
PARAMETRIC STUDY 
Effect of van Genuchten model parameters 
 A sensitivity analysis was performed by testing each van Genuchten parameter 
determined by the textural class individually. Each parameter was increased by one 
standard deviation to determine which parameter plays the largest role in affecting bearing 
capacity of shallow footings. Each parameter’s one standard deviation increase for both the 
Victorville, CA site (Sandy Loam) and the Levelland, TX site is summarized in Table 5. 
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This analysis also allows for a discussion of how important it is to have accurate SWRC 
for this type of method for calculating bearing capacity.  
The sensitivity analysis of the van Genuchten parameters was tested by comparing 
the bearing capacities of the Victorville (Adelanto Loam) and the Victorville (Sandy Loam) 
sites.  The bearing capacity for the case 1 footing for the Victorville (Adelanto Loam) is 
1548 KN/m2. The bearing capacity for the same footing for the Victorville (Sandy Loam) 
is 872 KN/m2.   All the footing sizes and depth have similar changes (refer to Table 3 and 
Table 5). The changes in parameters also affected the distribution of bearing capacities 
computed form the Monte Carlo simulation. Comparing Figure 4 to Figure 9 it is noticeable 
that the CDFs are much steeper. Though the rainfall and water table distributions are very 
important, this sensitivity analysis revealed, as expected, that the SWRC parameters are 
equally important in accurately predicting the increase in bearing capacity in this 
probabilistic method.  
Based on the individual sensitivity analysis for each parameter, the parameter with 
the greatest change in bearing capacity by increasing the parameter by one standard 
deviation was the alpha () parameter in Equation 9 (refer to Table 5). It is reasonable that 
this parameter has a significant control since it describes the suction a soil has when it is 
almost completely saturated. The smaller the alpha value is; the greater the suction is at 
higher degrees of saturation. The rest of the van Genuchten parameters have similar 
sensitivities to the increase in bearing capacity when increased by one standard deviation 
(refer to Table 5). With this probabilistic method it is most important to accurately predict 
alpha while fitting a SWRC to the volumetric moisture content and hydraulic head data.  
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Table 5: Computed Bearing Capacities for Victorville and Levelland with 
Sensitivity Analysis 
Site 
 
 
Para
-
mete
r 
L 
(m) 
B 
(m) 
Df 
(m) 
Bearing Capacity of 
Soil Using 
Deterministic 
Methods and 
Assuming Fully 
Saturated (KN/m2) 
Bearing 
Capacity of Soil 
Using Monte 
Carlo 
Simulation 
(KN/m2) 
Percent 
Increase in 
Bearing 
Capacity 
Victorville* θr 1.07 1.07 0.61 419 869 107 
Victorville* θs 1.07 1.07 0.61 419 879 110 
Victorville* α 1.07 1.07 0.61 419 1415 238 
Victorville* n 1.07 1.07 0.61 419 873 108 
Levelland θr 1.07 1.07 0.61 170 254 49 
Levelland θs 1.07 1.07 0.61 170 305 79 
Levelland α 1.07 1.07 0.61 170 379 123 
Levelland n 1.07 1.07 0.61 170 321 89 
Effect of footing depth 
The final sensitivity analysis observed the influence of the depth factor in the 
cohesion term of the bearing capacity. Once again the footing was tested with the four 
different variations of footing size and depth described in the sample application for both 
the mean values of Levelland, TX and Victorville, CA (Sandy Loam).  
The influence of the depth factor was studied by comparing the percent increases 
in bearing capacity for two footings with different sizes at a specified depth. The difference 
between the percent increase for the deterministic method with fully saturated soil and the 
Monte Carlo simulation with unsaturated soil was calculated. Since the depth is the same, 
the effects of suction are constant. Considering this, the percent increase from the bearing 
capacity for both methods should only be a factor of the change in size from the footing. 
Thus the percent difference between the two methods for increased bearing capacity should 
be the same; this is not the case in Table 6. The important trend in Table 6 is that as the 
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influence of suction increases in the bearing capacity equation, the influence of the depth 
factor increases. The percent increase difference for the two methods in bearing capacity 
due to an increase in footing size reduces by 1.70 % at a depth of 0.87 m in Victorville, CA 
(Sandy Loam). For sites where suction has more influence such as Victorville, CA 
(Adelanto Loam), the percent increase difference for the two methods in bearing capacity 
due to an increase in footing size reduces by 5.18 % for a footing at a depth of 0.87 m when 
comparing the two methods. The negative percent increase is due to the depth factor having 
more control than the increased footing size in Victorville, CA (Adelanto Loam), which is 
explained in the results section of the sample application section.  From these results it is 
evident that the depth factor has influence on the bearing capacity calculated from the 
bearing capacity equation. 
Table 6: The effect of the depth factor for the cohesion term in the bearing capacity 
equation 
Site 
Footing 
1 (m) 
Footing 
2 (m) 
Depth 
(m) 
Percent Increase 
Deterministic 
methods assuming 
saturated condition 
Monte Carlo 
simulation assuming 
unsaturated condition 
Difference 
for Two 
Methods 
Victorville* 1.07 1.52 0.61 8.705 6.192 2.51 
Victorville* 1.07 1.52 0.87 4.138 2.435 1.70 
Levelland 1.07 1.52 0.61 6.695 6.666 0.03 
Levelland 1.07 1.52 0.87 2.223 2.153 0.07 
Victorville** 1.07 1.52 0.61 8.705 8.074 0.63 
Victorville** 1.07 1.52 0.87 4.138 -1.043 5.18 
CONCLUSION 
The method for determining the bearing capacity of a footing in unsaturated soil 
using Monte Carlo simulation is a useful tool for further understanding how unsaturated 
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soil mechanics can be applied in problems faced by practicing engineers. The sample study 
gave evidence that considering unsaturated soils in design can increase the bearing capacity 
of a footing by at least 2.3 times the bearing capacity calculated using Meyerhof’s equation. 
This study considered homogeneous soil with 1-D flow. However, the proposed method 
can be easily extended for 2-D and 3-D cases. 
The sensitivity analysis reinforced the importance of having accurate SWRC or 
SWCC parameters when working with methods relying on the SWRC or SWCC. The 
sensitivity analysis also confirmed that sites with additional rainfall can still benefit from 
an increase in bearing capacity by considering unsaturated soils. In the case of Levelland, 
Texas the increase was over 76%.  
The effect of the depth factor is an important conclusion from the sensitivity 
analysis. As suction increases the value of the cohesion term, the depth factor has a greater 
influence on the bearing capacity equation. This results in smaller factors of increase in 
bearing capacity when there is an increase in footing size which creates a conservative 
estimate of the bearing capacity of footings in high suction.  
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